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ABSTRACT
Deterioration Effects on Progressive Collapse of Bridges

Chih-Shiuan Lin
Progressive collapse is a failure mechanism that causes local damage of one structural element to
progress throughout the whole structure leading to collapse of the entire structure. Recent catastrophic
structural collapses in the world have drawn attention from structural engineers to the importance of
designing structures that will continue to be operational even after some local failures occur. For some
bridge types, although the design of each single member follows the proper design standards, they still
cannot provide sufficient degree of redundancy to withstand a local failure without the total collapse
of the entire structural system.
In this study, two truss-type bridges, a half-through pedestrian bridge and a through-truss bridge,
are investigated. The design configurations follow the AASHTO specifications, and they are usually
classified as fracture-critical, non-redundant structures. Furthermore, traditional design and evaluation
procedures generally classify through-truss bridges as single-load-path structures. However, due to the
configuration of this bridge type, alternative load paths in the bridge could exist, indicating that this
type of structural system has the ability to continue sustaining further loads after one of its members
reaches its ultimate capacity by using different load paths.
It is important to note that, since the structural load-carrying capacity strongly depends on the
location of the damaged area, the progressive collapse mechanism of a structure could change
substantially under different damage conditions. For the pin-connected pedestrian bridge model, the
analysis showed that the failure of a local member is not responsible for the bridge’s collapse. Instead,
it is the global buckling (instability) of top chord system that led the bridge to collapse. A modified 2D
structure was studied to properly match the buckling load and its associated deformed shape with
those obtained in the 3D model’s top chord system. The conclusions of this study verified that the
collapse mechanism of this type of bridge is linked to the instability of the top chord system. For the

same pedestrian bridge with beam-type connection, the bridge’s failure mechanism is instead
associated with the local buckling of an upper chord element that led the bridge to collapse. Therefore,
the pedestrian bridge should not be considered a fracture-critical structure since the failure
mechanisms that led to its collapse were associated with large compression forces in the upper chord.
Looking at deterioration effects on bridge performance, corrosion is one of the dominant causes
of deterioration in steel bridges due to aggressive environment and inadequate maintenance. The
effects of corrosion damage could alter significantly the bridge behavior depending on the extent of
deterioration on the bridge structure. Comprehensive nonlinear analyses were conducted to investigate
the changes in collapse mechanisms considering various corrosion level and different corroded
locations. Results from the deteriorated pedestrian bridge analyses showed that the deterioration of
corroded top chord members could significantly reduce the load-carrying capacity of the bridge and
lead the structure to sudden catastrophic failure even for a load lower than the one used in the original
design.
For the through-truss bridge model, the cases with a corroded middle diagonal member revealed
similar load-carrying capacities and collapse mechanisms to the undamaged bridge. These models
show similar collapse mechanisms, related to the bending failure of the middle bottom chord and the
local buckling of the middle top chord. When the corrosion of the top chord element is severe, the
collapse mechanism of the bridge is still linked to the buckling failure of upper chord together with the
bending failure of the middle bottom chord. However, the load-carrying capacity of this damaged
bridge could drop considerably when compared to that of the undamaged model. Among all the cases
analyzed in this study, the corrosion of the end post element represents the most critical case: here, the
results indicated a considerable decrease in the load-carrying capacity of this damaged bridge model
when compared to that of the undamaged bridge.
In addition, this study also focused on the effects of support settlements on the load-carrying
capacity and on the collapse mechanism of deteriorated bridges. It was found that, even with only a
slight differential settlement support, the bridge model with a localized corroded diagonal element
reached its ultimate capacity much earlier in the loading process than the bridge with fixed boundaries,
with a reduction of the original load-carrying capacity of about 15%.
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Chapter 1.

Introduction

Chapter 1

Introduction
1.1

Problem statement and objectives

Civil engineers have served in different roles and capacities in service to society throughout the
history of civilization. Conventionally, the main objective of a structural designer is to optimize the
design of a structural system so that each structural member is able to sustain the code specified forces
by interacting with the adjacent members. However, some structures, although optimally designed to
meet member design criteria as specified in design specifications, cannot provide sufficient degrees of
redundancy to withstand a local failure, failure that could lead to the progressive collapse of the entire
structural system.
Catastrophic failures of bridges have been reported worldwide: among those, the I-95 Mianus
River Bridge in June 1983 (Connecticut, USA), the I-40 Bridge in 2006 (Quebec, Canada), the
Jiujiang Bridge in June 2007 (Guangdong, China), the I-35W Bridge collapsed in August 2007
(Minnesota, USA), the I-5 Skagit River Bridge in 2013 (Washington, USA), and more recently the
Morandi Bridge in August 2018 (Genoa, Italy). These incidents have attracted the interest of the
structural engineering community to the importance of ensuring structural safety of bridges, after
some initial local damage, and to the importance of redundancy in the load-carrying system. In
addition, they further highlight the importance of performing analyses of structural failure mechanism,
redundancy and robustness of a structural system, as a part of the initial design process.
According to ASCE 7-10 guidelines (ASCE 2010), progressive collapse of structures is
characterized by the failure of a local component that could initiate a cascading series of events that
could result in the partial or total collapse of the structure. Any load that exceeds the capacity of a
critical member will cause additional local failures that can, eventually, propagate through the whole
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structure. Therefore, for progressive collapse analysis of structures, it is essential to understand the
local member failure mechanism together with the overall mechanism of the bridge.
In the design of building structures, two important documents were developed so to provide
guidelines in the design phase on how to prevent progressive collapse: “Progressive collapse analysis
and design guidelines” published by the US General Service Administration (GSA 2003) for new
federal buildings, and the document “Design of buildings to resist progressive collapse” provided by
the Unified Facilities Criteria of the Department of Defense (DoD 2009). However, there is no current
consistent requirement for bridge structural resistance against progressive collapse integrated into
structural design specifications. In addition, they do not specify any further design objective or rule to
follow for such type of analysis, and how these specifications are implemented in individual cases is
left to the engineer’s judgment. When evaluating the safety of existing structures, generally, the
contributions of a system’s redundancy to structural safety have been ignored.
Up to now, the method of redundancy rating has not yet been clearly defined and does not exist in
the bridge design or evaluation specifications. According to AASHTO specification (2012), a
fracture-critical member (FCM) is described as a component in tension whose failure may lead to the
collapse of the bridge. In other words, for a fracture-critical bridge, the critical tension element of this
bridge has a single load path (no alternate load paths), and its failure would result in the collapse of the
entire bridge structure.
In this study, a half-through pedestrian bridge and a through-truss bridge are investigated: their
design configurations follow the AASHTO specification, and these bridge types are generally
regarded as fracture-critical, non-redundant structures, according to the Federal Highway
Administration (FHWA). In addition, traditional design and evaluation procedures generally classify
steel through-truss bridges as single-load-path structures (AASHTO 2011).
However, their structural load-carrying capacity strongly depends on the location of the damaged
components. Hence, the progressive collapse mechanism of such a structure could change
substantially under different damage scenarios. The existence of alternative load paths is usually
referred to as redundancy, indicating the possibility for the redistribution of loads and the ability of a
structural system to continue sustaining further loads after one of its members reaches its ultimate
capacity (Ghosn and Moses 1998). Structural collapse could be avoided for a structural system that
possessed sufficient redundancy. However, it is not clear what loading would be necessary to cause the
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collapse.
In an attempt to address the lack of codified criteria and of a quantifiable definition for redundancy
classification in inspection standards, comprehensive studies were conducted to help alleviate this
problem (Ghosn and Moses 1998; Ghosn and Yang 2014). In their studies, the approach of incremental
structural analysis was proposed. They have calibrated system factors regarding four limit states
(member failure, ultimate, functionality, and damaged condition) of bridge configurations under
corresponding loading conditions to evaluate the redundancy ratios of the bridge systems. These ratios
are deterministic and can explain the redundancy classification of a bridge, so to present guidelines for
the redundancy analysis and evaluation of different bridge systems.
Numerous investigations were performed to evaluate the structural redundancy and load-carrying
capacity in through-truss bridge superstructures (Liu et al. 2013; Ghosn and Yang 2014; Fiorillo et al.
2016). However, in their studies, in order to discover the alternative load paths of the damaged bridges
(disable the conventional load path and change the redistribution of the load), individual members
were completely removed in the numerical analysis to simulate the assumed damage scenarios. The
assumption of the complete removal of a main component was over conservative.
Recent and ongoing research have focused on determining and evaluating the failure mechanisms
and redundancy of typical steel girder bridges (Park et al. 2012; Lin et al. 2013; Lam et al. 2014). In
their investigations, the assumed damage scenarios of the bridges were limited to particular forms and
locations of damage at the bottom flange and web at the mid span of the girders.
Nagatani et al. (2009), Yamaguchi et al. (2011), Cha et al. (2014), Lam et al. (2014), and Lin et al.
(2013, 2016) conducted experimental studies and numerical analyses to investigate structural
redundancy in truss-typed bridges. In their studies, failure of a member was determined at the first
occurrence of yielding and the structural behavior after the failure of a truss component was not
discussed, implying over conservative estimations.
Furthermore, a comprehensive study to investigate the non-linear progressive collapse mechanism
and the corresponding ultimate strength of simplified two-dimensional steel truss bridges was
performed by Miyachi et al. (2012). The results of their study showed that bridge models collapsed
due to buckling of compressive members instead of the failure of tension elements.
Over the last twenty years, great attention has been given to the determination of our infrastructure
system. Buildings and bridges are aging because of their exposure to harsh environments as well as to
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human-induced hazards. In an increasingly large transportation infrastructure system, the risk of
failures for aged bridges is increasing. Steel bridges are commonly affected by corrosion due to
environmental exposure and inadequate maintenance, and their structural integrity could be seriously
at risk.
To further investigate the structural performance of deteriorated bridges subjected to extensive
corrosion, comprehensive research studies were carried out to evaluate the residual capacity of the
corroded steel girder bridges (Rahgozar 2009; Sharifi and Paik 2011; Sharifi and Rahgozar 2010; van
de Lindt and Ahlborn 2005). In these bridges, the effects of corrosion appear as a uniform reduction of
the thickness over the complete exposure surface. However, there are limitations on the behaviors and
capacities of the corroded elements, as the corrosion does not manifest uniformly over the entire
element. In this regard, experimental investigations on the evaluation of shear buckling behavior and
residual strength of locally corroded steel girders were also conducted (Kim et al. 2013), focusing on
particular corrosion patterns and specimens: unfortunately, their failure modes were not clearly
elaborated.
Ahn et al. (2013a, b) performed experiments and non-linear numerical investigations on the
buckling behavior and failure modes of corroded plate girders considering various localized corrosion
patterns. The results of the analyses indicated that the residual shear capacity of the plate girders
drastically decreased when the degree of localized corrosion increased, regardless of boundary
condition and geometric characteristics of the girders.
From all these analyses, it can be concluded that the effects of corrosion damage alter considerably
the load-carrying capacity of a bridge, depending on the bridge type and on the locations and extent of
deterioration.
This dissertation explores the state-of-the-art in nonlinear progressive collapse analyses of bridge
structures by systematically evaluating their structural failure mechanism and load-carrying capacity,
and by identifying the bridge’s critical members. Different deteriorated members with different levels
of deterioration have been considered and their contributions to the progressive collapse of the bridge
have been evaluated.
In addition, traditional structural design assumes that bridge structures are fixed at their supports
and neglects the effect of foundation settlements. However, the interaction effects between the soil,
foundation, and superstructure are generally quite significant.
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The flexibility of the soil volume underneath the support causes differential settlement at support
points under the application of the loads coming from the bridge superstructure: such a settlement
leads to the redistribution of the internal forces and stresses in the various structural members. The
problem of settlements in bridge structures and foundations has been studied for quite some time.
However, the study of bridge foundation settlements has been primarily focused on approach slabs
(Zhang 1999; Jones et al. 2008; Barr et al. 2013; Seawsirikul et al. 2015). Su and Wang (2014)
conducted research on the structural behavior of cast-in-place concrete box girder bridges under given
foundation settlements. In their study, non-linear numerical analyses were performed to investigate the
acceptable levels of bridge foundation differential settlements and to study the stresses induced on the
bridge girders by various settlement conditions. In addition, Ni Choine et al. (2016) explored the
impact of corrosion coupled with foundation settlement on the structural performance of a deteriorated
concrete integral bridge.
In the current literature, no consideration has been given to the progressive collapse of bridge
structures that present both localized corrosion and support settlements. It is the goal of this study to
shed some light on such an important topic.

1.2

Dissertation outline

The chapters of this dissertation display the work done to achieve the objectives of this research study.
Each of these chapters deals with separate but inherently integrated tasks. The outline of this
dissertation is as follows:
In Chapter 2, the structural behavior and failure mechanism of two pedestrian bridge models with
different connection types in the top chord (pin- and beam-connected) were investigated. Both the
geometric as well as material nonlinearities were considered. The progressive collapse procedure of
the pedestrian bridges was analyzed in detail to fully understand the critical members, the bridge’s
collapse mechanism, and the associated load-carrying capacity. An analytical solution of a 2D truss
system was derived in order to obtain the buckling load and its corresponding deformation. The results
of such analysis agreed well with the deformation of the upper chord system of the 3D bridge model at
the collapse point.
Chapter 3 presents the general classification of corrosion induced problems that occur in steel
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bridges. A review of the current state-of-the-art on the corrosivity of carbon steels is conducted to
determine the corrosion resistance of steel alloys. The thickness loss induced by corrosion is
calculated as a function of the exposure time for a carbon steel component that was exposed to the five
specified corrosivity categories and the service life of such steel member was estimated as a function
of the environment corrosivity and time of exposure.
In Chapter 4, we identify the collapse mechanism and the load-carrying capacity of the target
pedestrian bridge accounting for different levels of corrosion damage. A comprehensive study of
nonlinear numerical analyses was conducted to analyze the deterioration factors that affect the
capacity and failure mode on the two bridge configurations. The factors included the magnitude of
imperfections, the location and extent of the corroded region, and severity of corrosion. Different
localized corrosion scenarios were simulated by reducing the thickness and expanding the area of the
corroded portion of the components.
Using the results from the previous chapters, Chapter 5 presents a comprehensive study of the
progressive collapse analyses for a through-truss bridge recently built in Taiwan. The nonlinear finite
element model of the bridge accounts for both geometric and material nonlinearities. The analyses
focused on the deterioration scenarios of various member corrosion cases and their impact on the
bridge’s collapse mechanism. Different collapse mechanisms of the through-truss bridges and their
corresponding critical members were investigated and identified.
Chapter 6 extends the investigation of the influence of boundary settlements on the collapse
mechanisms and load-carrying capacities of various deteriorated bridge scenarios due to localized
corrosion, as presented in Chapter 5. The model used in this study was modified by introducing a
deformable soil domain under one of the supports to simulate the differential settlement of support.
Chapter 7 summarizes the accomplishments of this dissertation and offers guidelines for future
research work on this subject.
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Chapter 2

Progressive Collapse Analysis of
Pedestrian Bridges
2.1

Introduction to progressive collapse

Most of us have an inherent understanding of the definition of instability, which means when a small
increase in load results in a large displacement. If a change in displacement is sufficiently large, or is
in a critical part of a structure, local or element instability may cause the total collapse of an entire
structure.
Failure can be as obvious and catastrophic as a total collapse; it is defined as the behavior of a
structure when it crosses a limit state, meaning when it has gone beyond the limit of its structural
usefulness. There are many such limit states to consider, such as excessive deflection, large rotations
at joints, the cracking of metal or concrete, corrosion, and excessive vibration under dynamic loads.
What we consider here is the limit state in which a structure passes from a stable to an unstable
condition. The spread of an initial local failure from element to element that results in the eventual
collapse of an entire structure or a disproportionately large part of it is known as progressive collapse.
Progressive collapse involves a series of failures that lead to the partial collapse of a structure that
causes force redistribution to the remaining structural elements and may lead to total collapse in a
structure.
The progressive collapse of structures is characterized by a triggering event that is usually different
to that of the resulting widespread collapse. Initial triggering events may include a gas explosion, blast,
foundation failure, vehicle or ship/barge impact, fire, earthquake, and wind loads. Analyzing a
structure’s progressive failure requires assessing the response of a structure due to the failure or
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damage of one or more elements of its structure (Lim 2004). Progressive collapse may occur in any
type of framed structure, including steel- or concrete-framed buildings, truss structures, and bridges.
Furthermore, progressive collapse is not necessarily related to any one type of structural material (Lim
2004). Numerous incidents on the progressive collapse of bridges and building structures have been
widely reported throughout history. There was a famous total collapse of a suspension bridge due to
strong wind in 1940; the Tacoma Narrows Bridge in Washington State, USA fell after only four
months of service. The suspected source that triggered the collapse was failure of the plate girders
used to stiffen this bridge. The Viadotto Cannavino Bridge in Italy, which is a four-span continuous
girder bridge, partially collapsed during its construction in 1972. The triggering event was a formwork
failure, and the collapse was due to a lack of robustness in the structural system.
In April 1995, a bomb attack incident happened in Oklahoma City (Figure 2.1), causing half of the
Alfred P. Murrah Federal Building to collapse, which led to the death of 168 people. Since then, the
US federal government has established several changes to the philosophy and practice of construction
specifications to guard against future terrorist attacks on federal buildings.

Figure 2.1: Collapse of the Alfred P. Murrah Federal building (CBS News)
On December 13, 2000, authorities temporarily closed the Hoan Bridge in Milwaukee, Wisconsin
due to buckling of the northbound lanes, which led the span to nearly collapse (Connor et al. 2005).
The interior and east exterior girders were fractured to full depth, and the web had several 3-ft cracks;
there had been no evidence of fatigue cracking prior to the fracture initiation and no observable
damage prior to the sudden fracture. Figure 2.2 is an underside view of the fractures.
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Figure 2.2: Visible fractures of Hoan bridge, Wisconsin, 2000 (FHWA 2001)
In addition, the terrorist attack on September 11, 2001 caused the collapse of the twin towers of the
World Trade Center in New York City and more than 2,000 civilians lost their lives. The impact
initiated local failures followed by the capacity loss over the complete tower; as the failures
progressed, it led to the structure’s total collapse. This revealed how a design may be safe under
expected circumstances but may become unstable under extreme and unforeseeable circumstances.
The I-35W Bridge over the Mississippi river in Minnesota collapsed suddenly during the evening
rush hour on August 1, 2007, as shown in Figure 2.3, resulting in 13 deaths and 145 injured people.
Investigations showed the existence of a fracture in a gusset plate at a certain panel point; this
observation together with the insufficient design strength of the gusset plate caused the member to
yield at rush hour when the traffic volume was enormous and the total collapse of the I-35W Bridge
(NTSB 2008).

Figure 2.3: Collapse of the I-35W Bridge, Minnesota, 2007
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Numerous researchers have studied the problem of progressive collapse via different approaches.
For buildings, one focus has been on designs that reduce the potential for progressive collapse. Early
research, such as Frangopol and Curley (1987), discussed and described the concepts of the
progressiveness of structural damage. They proposed several approaches to evaluate the structural
redundancy by probabilistic measures. Moreover, in their paper, they distinguished fail-safe structures
from weakest-link structures by introducing the alternate load path theory. Another research proposed
by Ghosn and Moses (1998) defined the resistance to progressive collapse; they indicated that as the
ability of a structure to carry loads after the failure of one of its main elements. Ettouney and
DiMaggio (1998) and Ettouney et al. (2004) indicated the importance of investigating global effects
when evaluating the potential for performing structural progressive collapse analysis and examined
when the global response of a damaged structure was necessary. Research by Marjanishvili and
Agnew (2006) considered linear, nonlinear, static, and dynamic analyses of a building frame structure
and compared the responses of several complex analysis methods. They concluded that when
performing progressive collapse analysis of simple structures, the dynamic analysis results were more
accurate while the linear static analysis was easier but still sufficiently accurate. Starossek (2007)
described the typology and classification of the progressive collapse of structures, and the
development of a theoretical treatment for different collapse types.
Ellingwood et al. (2007) provided steps for risk-analysis approaches to progressive collapse, which
included threat definition, event control, and structural design to resist postulated events. An extensive
review of design methods to enhance a building’s resistance to progressive collapse was provided,
including the indirect method (providing sufficient tie forces), the specific local resistance method
(designing key elements to withstand abnormal loads), and the alternate load path method (allowing
for the redistribution of a load in the event of the loss of a key element). In addition, Gerasimidis and
Baniotopoulos (2011) conducted a study on the progressive collapse analysis of a cable-stayed steel
roof to calculate the structural robustness under a sudden cable loss. They concluded that the use of
dynamic amplification factors varies at different locations of the cable-stayed structure based on the
location of a cable loss and on the type and location of the response being investigated.
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Standards and requirements

There is no current consistent requirement for structural resistance against progressive collapse
integrated into structural design specifications. Many documents such as the National Building Code
of Canada (1996), ASCE 7-02 (2002) and ACI 318 Building Code (2002) include significant
information on progressive collapse, yet these have no particular guidance or general applicability.
The ASCE guideline 7-02 (2002) states: “… buildings and structural systems shall possess general
structural integrity, which is the quality of being able to sustain local damage with the structure as a
whole remaining stable and not being damaged to an extent disproportionate to the original local
damage …”. The guidelines does not specify any further design objectives or rules to follow for
analysis and checking and how these specifications are implemented in individual cases is left to the
engineer’s judgment.
The document ASCE 7-10 (2010) defines progressive collapse as “the spread of an initial local
failure from element to element, eventually resulting in the collapse of an entire structure or a
disproportionately large part of it.” The failure of one or more structural elements leads to load
redistribution in the structural system due to stiffness change, load pattern, and the structure’s
boundary conditions. This commentary also defines two general approaches for reducing the
possibility of progressive collapse, namely the Direct Design and Indirect Design approaches. The
direct design method enables one to explicitly consider resistance to progressive collapse during the
design process and the capability for a structure to provide sufficient strength to resist localized
damage, in which they include the Alternative Load Path (ALP) method and the Specific Local
Resistance (SLR) method.
The indirect design method shows an implicit consideration of resistance for progressive collapse
by specifying minimum levels of strength, continuity, and ductility (Ellinwood 1981). The ACI code
(ACI 2002) introduced structural integrity concepts and requirements to implement this approach. In
addition, the AISC Building Code (AISC 1999) considers the structural integrity concept implicitly,
where it specifies that a ductile steel bar can resist axial tension load without fracture due to the
material’s strain hardening property.
For building structures, research provided by National Institute of Building Sciences (NIBS) and
the Unified Facilities Criteria of the Department of Defense (DoD) have reviewed and updated
structural design specifications such as the current criteria to mitigate the possibility of spreading local
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damage and progressive collapse (DoD 2009). Moreover, the U.S. General Service Administration
(GSA) (2003) has proposed guidelines for linear procedures that recommend the removal of the main
element of federal buildings that is susceptible to sudden damage. The procedure requires checking the
demand–capacity ratio (DCR) for each member in the structure and removing all members with an
excessive DCR value in areas beyond specified allowable collapse regions, and this procedure
classifies structures with such elements as highly likely to undergo progressive collapse. The
Eurocode 8 (2004) published by the Comité Européen de Normalisation emphasizes the importance of
designing buildings to avoid and prevent the spread of potential local damage.
In addition, a memorandum published by the Federal Highway Administration (FHWA) with the
subject “Clarification of Requirements for Fracture Critical Members”, defined a Fracture-critical
Member (FCM) as “a steel member in tension, or sub-element within a built-up member that is in
tension whose failure is expected to result in the collapse of the bridge.” (Lwin 2012). Moreover,
referring to the National Bridge Inspection Standards (NBIS) and AASHTO Manual for Bridge
Evaluation (MBE) Second Edition (2010), identifying FCM is required to study the redundancy rating
and to evaluate a bridge’s structure. Furthermore, AASHTO LRFD Bridge Design Specifications Sixth
Edition (2012) describes an FCM as “a component in tension whose failure is expected to result in the
collapse of the bridge or the inability of the bridge to perform its function” to emphasize the inability of
a bridge to safely carry some degree of traffic (live load) when in a damaged stage. Although the
definition indicates that the failure of an FCM may lead to structural collapse, the required loading
level for a collapse to occur remains unclear (the live load level might be less than the full design live
load for the strength limit state load combination). The definition leaves much to engineering
judgment and there are disagreements about what type of members should be classified as FCMs.

2.3

Introduction to pedestrian bridges

Pedestrian bridges, also known as footbridges or overpasses, are simply bridges—whether crossing
over land or water—designed for foot traffic rather than vehicle traffic. Authorities typically construct
such bridges in dense traffic areas and aim to help passers-by cross the street, facilitating connection
between buildings. Pedestrian bridges are also built over railroad tracks, rivers, parking lots, canyons,
and other areas where walking could be perilous or even impossible. Pedestrian bridges can help

12

Chapter 2.

Progressive Collapse Analysis of Pedestrian Bridges

evacuate crowds and slow traffic, thereby better ensuring people’s safety. However, a well-designed
pedestrian bridge could also enhance the urban esthetics or even become a landmark, such as the
Millennium Footbridge that crosses the River Thames in London, UK, as shown in Figure 2.4.

Figure 2.4: Millennium Bridge, London, UK (https://failures.wikispaces.com/)
Pedestrian bridges can be made of wood, rope, plastic, or metal and they can serve both functional
and decorative purposes. Steel is a popular material in civil engineering structures and is widely used
in high-rise buildings, large-span highway bridges, and city bridges due to its material uniformity,
high strength, light weight, and easy construction among various attributes.
Typical pedestrian bridges are not designed or intended to carry highway traffic, just pedestrians,
cyclists, equestrian riders, and light maintenance vehicles. They can have different designs depending
on the ideas of their designer, local obstacles to overcome, and available materials such as underslung,
half-through and through-truss types, as shown in Figure 2.5.

13

Chapter 2.

Progressive Collapse Analysis of Pedestrian Bridges

Figure 2.5: Truss design types
In a half-through truss bridge, the traffic is only partially inside the structural envelope. The trusses
are lower than the traffic envelope and there cannot be any bracing to the top chords so to allow traffic;
this indicates that a half-through bridge is in the form of a “trough” and has a square U-shaped form.
The Pratt Truss is a typical half-through truss that is a parallel chord truss with diagonals that tilt
towards the center of the span that are separated by vertical members, as shown in Figure 2.6.

(a) Pratt Truss pedestrian bridge at Racine, WI, USA
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(b) Pratt Truss pedestrian bridge at Albert Lea, MN, USA
Figure 2.6: Photos of half-through-type truss pedestrian bridges (Wheeler, LLC)

2.4

Target bridge description

According to the LRFD guide specifications for the design of pedestrian bridges (AASHTO 2009), a
single-span truss-type pedestrian bridge is illustrated herein and it will be used to show the results of
our analyses. The bridge is 21.95 m (72 ft) long and 3.2 m (10.5 ft) wide. Its cross-section and
side-view are shown in Figure 2.7 (a) and (b), respectively. The truss’s vertical members have equal
height of 1.524 m (5 ft) and equal spacing of 1.83 m (6 ft); the width of the concrete deck is 3.05 m
(10 ft).

(a) Cross-section
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(b) Side-view
Figure 2.7: Example pedestrian bridge (a) cross-section (b) side-view
In addition, the floor beams are designed in combination with the concrete slab. The steel used for
all floor beams, stringers, and truss members is ASTM A500 Grade B with 7,850 kg/m3 mass density
(77 kN/ m3 specific weight), 200 GPa modulus of elasticity, and 0.3 Poisson’s ratio. It is an isotropic
strain hardening material with 315 MPa yield strength and 400 MPa ultimate strength at 0.23 strain.
The stress–strain relationship is illustrated in Figure 2.8. Table 2.1 lists Member designations, member
types, and section types used in the bridge under investigation.

400 × 106

𝜎 (Pa)

315 × 106

𝐸 = 2 × 1011 Pa

0.23

0.001575

Figure 2.8: Stress–strain diagram of ASTM 500 Grade B steel
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Table 2.1: Member details of a pedestrian bridge
Member

Designation

Member type

Section type

HSS 6 × 3 × 5/16

Box

HSS 6 × 3 × 5/16

Box

HSS 6 × 3 × 5/16

Box

HSS 5 × 3 × 5/16

Box

HSS 4 × 3 × 1/4

Box

U0-U1
U1-U2
Top chord

U2-U3
U3-U4
U4-U5
U5-U6

End post

U0-L0
L0-L1
L1-L2

Bottom chord

L2-L3
L3-L4
L4-L5
L5-L6
U0-L0
U1-L1
U2-L2

Vertical posts

U3-L3
U4-L4
U5-L5
U6-L6
U0-L1
U1-L2

Diagonals

U2-L3
U3-L4
U4-L5
U5-L6
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Bridge design specifications
Deflections

The deflection of a bridge should be investigated (AASHTO 2012) in the design stage. The maximum
deflection due to an unfactored pedestrian live load must be smaller than l/360 of the bridge span
length.
2.5.2

Design force of lateral frame

The design specifications regulate 300 pounds per linear foot (horizontal) for truss verticals with
reference to Galambos (1998). This establishes the minimum lateral strength of verticals based on the
necessary degree of lateral support for the top chord to resist the maximum design compressive force.
2.5.3

Stability of the top chord

The connection between the floor beam and vertical member may be considered as a rigid connection,
which provides lateral support to the U-shaped frame made of the floor beam and the corresponding
verticals, as shown in Figure 2.9. The lateral stiffness of the U-frame can be determined by using
numerical analysis procedure (separate FE model analysis) to evaluate the stability of the top chord,
where the detailed descriptions are shown in later section (see section 2.8.3).
Proper detailing must be secured to ensure that the connection is fully rigid at service loads to
correctly predict when the top chord will buckle (Galambos 1998).

Figure 2.9: Rigid connection between the floor beam and vertical
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Lateral torsional buckling resistance

Flexible structural systems that have potential tendencies towards torsional behavior include twin
I-girders and single-tub girders, which are flexural members; stability issues in such member types are
commonly addressed by looking at Lateral Torsional Buckling (LTB), which occurs when an applied
load causes both lateral displacement and twisting of a member. I-sections that are composed of two
flanges and one web were arranged to maximize the moment of inertia in the major axis and,
consequently, their out-of-plane stiffness can be significantly less than the in-plane stiffness. When
bent about their major axis, the compression flange tries to deflect laterally from its original position,
whereas the tension flange tries to keep the member straight. The compression flange might buckle as
it moves laterally, which leads the cross-section to twist about its longitudinal axis.
When evaluating the stability of twin I-girder systems without a composite deck or lateral bracing,
Yura and Widianto (2005) and Yura et al. (2008) gave Equation (2.1), which provides a reasonable
estimate of the global buckling moment:
𝑀𝑛 = 𝑀𝑐𝑟 =

𝜋2 𝑆𝐸
√𝐼𝑦𝑜 𝐼𝑥𝑜
𝐿𝑏 2

where
𝑀𝑛 = Nominal in-plane flexural resistance of one girder
𝑀𝑐𝑟 = Critical elastic lateral-torsional buckling moment of one girder
𝑆 = Spacing between girders
𝐸 = The modulus of elasticity of steel
𝐿𝑏 = Effective buckling length for lateral-torsional buckling
𝐼𝑦𝑜 = Out-of-plane moment of inertia of one girder
𝐼𝑥𝑜 = In-plane moment of inertia of one girder
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Compressive resistance

The nominal compressive resistance of a composite column that satisfies the provisions of AASHTO
specifications Article 6.9.5.2 (AASHTO 2012) and AISC (2010) shall be taken as:
For 𝜆 ≤ 2.25
𝑃𝑛 = 0.658𝜆 𝜎𝑦 𝐴𝑠
(2.2a)
For 𝜆 > 2.25
𝑃𝑛 =

0.877𝜎𝑦 𝐴𝑠
𝜆
(2.2b)

where
𝐾𝐿 2 𝜎𝑦
𝜆=( )
𝑟𝜋 𝐸
𝑃𝑛 = The nominal compressive resistance
𝜆 = Slenderness ratio
𝑟 = Radius of gyration
𝐾 = Effective length
𝜎𝑦 = Specified minimum yield strength
𝐴𝑠 = Gross cross-sectional area of the member
𝐿 = Length of member
𝐸 = Modulus of elasticity of steel
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Structural modeling of pedestrian bridges
Element descriptions

Different types of elements are employed to model a pedestrian bridge and obtain system responses
based on the major structural behavior.
Truss Element: A truss element is a two-force member that is subjected to either tension or
compression axial loads. The only degree of freedom for a truss (bar) element is the axial
displacement at each node. The cross-sectional dimensions and material properties of each element are
usually assumed constant along its length. The element may interconnect in a two-dimensional (2-D)
or three-dimensional (3-D) configuration; truss elements are typically used to analyze truss structures.
Beam Element: A beam element is a flexible member that is subject to lateral loads and moments.
They generally have six degrees of freedom at each node, including three translations and three
rotations.
An accurate analytical model and methodology is important when designing bridge structures.
This study generated a sophisticated finite element model of the target pedestrian bridge using the
commercial structural analysis program Abaqus (version 6.14) to examine its structural responses. The
structural behaviors of two intact pedestrian bridge models were investigated in which the essential
differences were the two connection types for the elements of the top chord (i.e., pin-connected and
beam-connected types), as shown in Figure 2.10.
In the pin-connected-type (translational basic) model (Model 1), the modeled structure comprises
9,199 nodes. The total number of degrees of freedom amount to 49,729 and the meshes of the floor
system (i.e. the longitudinal stringers and lateral floor beams) were modeled using the three-node
Timoshenko open-section beam elements (B32OS), with two Gauss points per element. Meanwhile,
the end posts and verticals were modeled using three-node Timoshenko beam elements (B32). Both
the B32OS and B32 3D elements integrate at 13 integration points on the cross section, five equally
separated in both flanges and three symmetrically along the height of the web. This feature does not
affect the results of a pure compression member, while, for a member with the uniaxial bending
condition, the loading is not symmetric and the stresses are non-uniform in the component. In addition,
this integration point feature allows part of the section to reach the hardening zone, while the
remaining portion stays in the elastic range, generating the possibility of inelastic loss of stability
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mechanism. Furthermore, the top and bottom chords and the diagonals were modeled using
three-dimensional linear two-node first-order truss elements (T3D2). The translational basic
connection component was selected, which indicated this two-node connection element (CONN3D2)
has the property to affect the translational degrees of freedom of the elements connected at that node.
Here, we also need to note that the joints that connect the floor system and the verticals were modeled
with rigid constraints, to account for the section overlapping of the beam elements.

Beam-connected

Pin-connected
Model 1

Model 2

End post
Verticals
Top chord

(B32)

(B32)
Bottom chord

(T3D2/B32)

(T3D2)
Stringers
(B32OS)
Diagonals
Floor beam

(T3D2)

(B32OS)

Figure 2.10: Configuration of the intact bridge model
On the contrary, Model 2 is a beam-connected-type model comprised of 7,659 elements with
21,541 nodes in total. The floor system (stringers and floor beams) is modeled using B32OS elements
to represent the open section. The top chords are modeled using three-node Timoshenko beam
elements (B32) while the bottom chords and diagonals are modeled using a linear two-node truss
element (T3D2).
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Boundary conditions

Deciding on proper boundary conditions is very important in structural analysis. Good modeling of the
support conditions at the bearings and expansion joints requires the careful consideration of continuity
for their three translational displacements and rotations. In static analysis, it is common to make the
simple assumption that the supports have fixed, pinned (hinge), or roller boundary conditions without
considering the soil/foundation stiffness. This interaction will be the focus of the last chapter of this
thesis.
The boundary conditions of the target pedestrian bridge finite element model follow AASHTO
Specifications (AASHTO 2012). The hinge boundary is assumed at one end (Constrained in three
translational directions) while the roller boundary is modeled for the other end of the bridge, i.e. the
vertical and lateral movements are restrained but longitudinal movement is allowed.
2.6.3

Dead loads and live loads

The bridge’s dead loads are divided into two categories: the dead load of truss members (DL1) and the
dead load of deck and floor systems (DL2). DL1 represents the weight of steel truss while DL2
represents the weight of the steel floor system plus the weight of the concrete deck. For the target
bridge, DL1 is applied as a uniformly distributed dead load of 62 plf per truss (905.2 N/m/truss) on
each node of the lower chord of the truss (1,655.43 N/node). For DL2, let’s assume that the dead load
of 25 psf for the deck and floor system is equally distributed to each stringer so to obtain a uniform
dead load of each stringer of 478.75 N/m (478.75 N/m/stringer). The two types of dead load used in
the analysis of this pedestrian bridge are shown in Figures 2.11 (a) and (b).

(a)

(b)

Figure 2.11: (a) Truss dead load; (b) dead load of the deck and floor system
According to the fourth edition of the AASHTO LRFD code provisions (AASHTO 2009),
pedestrian bridges should be designed to handle a 90 psf uniform live load; this loading should be
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patterned to produce the maximum loading effect. For the target bridge, a nominal pedestrian live load
of 1,641.32 (N/m) is assumed equally distributed to each stringer in the longitudinal direction. In
addition, the Guide Specifications for the Design of Pedestrian Bridges (AASHTO 2009) states:
“Consideration of the dynamic load allowance is not required with this loading”. The bridge live load
used in this analysis is illustrated in Figure 2.12; the detailed calculation of dead and live loads for the
target pedestrian bridge is shown in Table 2.2.

Figure 2.12: Pedestrian live load position

Table 2.2: Pedestrian loading types
Load type

Dead load

Live load

Load details

Detailed calculation

Truss dead load (DL1)

1,655.43 (N)  11  2 = 36,419.46 (N)

Deck and floor system (DL2)

478.75 (N/m)  21.95 (m)  8 = 84,051.65 (N)

Total dead load (DL1+DL2)

120,471.1 (N)

Pedestrian live load (LL)

1,641.32 (N/m)  21.95 (m)  8 = 288,158 (N)
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Progressive collapse analysis of a pedestrian bridge

This analysis examines the behavior of the three-dimensional (3D) finite element model of a
pedestrian bridge created in Abaqus (version 6.14) subjected to a continuously increasing load system
until failure is reached. First, the dead load including the weight of the steel trusses, floor beams,
stringers, and deck system is applied to the structure. Then, the live load is applied in an incremental
fashion until the total live load is reached. If the bridge is still standing (as expected during normal
condition), additional live load is applied until the bridge structure fails (Fiorillo et al. 2016). Failure
was deemed to happen when the analysis could not converge at an incremental load step.
The von Mises plasticity model is most suitable for evaluating the ultimate load capacity of steel
structural systems in nonlinear static analysis. The von Mises stress, 𝜎𝑉𝑀 , which is obtained from the
stress tensor at every point of the structure, takes the form
1
2

𝜎𝑉𝑀 = √ [(𝜎𝑋 − 𝜎𝑌 )2 + (𝜎𝑌 − 𝜎𝑍 )2 + (𝜎𝑋 − 𝜎𝑍 )2 + 6(𝜏𝑋𝑌 2 + 𝜏𝑋𝑍 2 + 𝜏𝑌𝑍 2 )]

(2.3)

where 𝜎𝑋 , 𝜎𝑌 , and 𝜎𝑍 are respectively the normal stress components in the X, Y, and Z directions.
𝜏𝑋𝑌 is the shear stress component in the Y direction applied on the plane normal to the X axis, 𝜏𝑋𝑍 is
the shear stress component in the Z direction applied on the plane normal to the X axis, and 𝜏𝑌𝑍 is the
shear stress component in the Z direction applied on the plane normal to the Y axis (Fiorillo et al.
2016).
Nonlinear static analysis were performed using Abaqus (version 6.14) by applying incremental
loads on the structure (load control). At the end of each increment, the computer program adjusted the
material’s stiffness and checked whether the value of 𝜎𝑉𝑀 was lower than the material’s capacity.
Both the geometric and material nonlinearities were taken into account when determining the
structural behavior and bridge failure load. The associated member forces of such a structure were
carefully reviewed to confirm their correctness and the member resistance factors were not employed
to obtain the nominal bridge capacity.
The analysis starts by applying the dead loads to the structure; then the live loads follow
incrementally until the bridge collapses. This load application process can be expressed in terms of the
nominal dead load, DL, plus the specified live load, LL, times a scaling factor ψ in the form: DL+

25

Chapter 2.

Progressive Collapse Analysis of Pedestrian Bridges

ψ  LL, where ψ is the load amplification coefficient, which indicates the number of live loads

applied to the bridge structure.
The progression of the bridge deformation until collapse using the proposed load procedure is
illustrated in Figure 2.13 (a)–(e) for the pin-connected bridge model (Model 1), together with the von
Mises stresses. After the total dead load, DL (= 120.5 kN), was applied to the bridge model, the
deformed shape configuration is as shown in Figure 2.13 (a). The highest von Mises stress for the
bridge model at such a load step was 0.56 MPa, which was observed at the third floor beam close to
the second vertical; this was well below the yield stress (315 MPa), and the deformations were in the
elastic range. After introducing the live load, Figure 2.13 (b) shows the bridge deflection under the
effect of the dead load and of the unfactored ( ψ = 1) live load (= 288.2 kN). The maximum von Mises
stress was observed at the same location, i.e. the third floor beam connected to the second vertical,
which showed an increased von Mises stress of 198.5 MPa (nearly 63% of the yield stress): this
confirmed that, also for this level of load, the model remained in elastic condition. In Figure 2.13 (c),
as the live load increased by a factor ψ = 1.34, the von Mises stress reached the value of 246 MPa,
still below the yielding stress, showing that the bridge remained in elastic condition. However, with
0.2% additional increment of live load ( ψ = 1.342), the analysis stopped. The maximum von Mises
stress 246 MPa (approximately 78% of yield stress), was still observed at the third floor beam close to
the connected second vertical, indicating that the whole bridge model was elastic. However, as shown
in Figure 2.13 (d), the deformed shape of the bridge clearly indicates the beginning of instability of the
upper chord.

(a) DL + 0 × LL
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(b) DL + 1 × LL

(c) DL + 1.34 × LL

(d) DL + 1.342 × LL
Figure 2.13: Collapse progress and final deformation of the pin-connected bridge model
From the analysis, axial forces were observed in the top chords, and because this model is a
pin-connected type and under downward loadings, the top chords acted as compression members that
only sustained compressive axial force. Figure 2.14 displays the axial forces of each top chord
member at the final loading step. The largest axial force (4.63  105 N) was at the central top chord
member (T6); it was much lower than its nominal capacity (1.06  106 N).
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𝑆𝑦𝑚𝑚

(−1.37)
(T1)

(−2.54)
(T2)

(−4.09)
(T4)

(−3.44)
(T3)

(−4.46)
(T5)

(−4.63)
(T6)

Unit: 105 (N)

Figure 2.14: Axial force of the top chord in the intact Model 1 at the last loading step
The design force (as found in the pedestrian bridge design specifications, AASHTO 2009), and the
axial force capacity in each main member were examined in Table 2.3 and Figure 2.15 (a)–(d), where
the vertical axis represents the value of the axial force and the horizontal axis represents the load steps.
Load steps from 0 to 1 refer to the dead load stage, while numbers greater than 1 indicate the live load
steps. Figure 2.15 (a) plots the axial force for six top chord members, reaching maximum values
between 137 kN and 463 kN. When checking the top chord nominal member capacity, it is evident
that the largest axial force component (T6, 463 kN), is well below its capacity (43% member capacity).
Figure 2.15 (b) shows the axial tension forces of the bottom chords, with values that are below their
capacity (up to 40% of its capacity). Furthermore, Figure 2.15 (c) and (d) represent the axial forces of
the diagonals and verticals, including the end post, and their largest axial forces are 177.5, 93.3, and
113.4 kN, respectively (up to 27, 10, and 11% of their capacity).
In Figures 2.15, the axial forces observed in top and bottom chords, diagonals, and verticals do not
reach their own nominal capacities. Furthermore, the axial force curves increase, essentially bi-linearly,
from the beginning of the load application until the final incremental step; this clearly indicates that
the pedestrian bridge did not collapse due to members reaching their ultimate capacity at the last
incremental load step.
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Table 2.3: Member design force and axial force capacity of each member
Member

Member design force

Axial force capacity

Top chord

6  105 (N)

1.06  106 (N)

Bottom chord

6  105 (N)

1.06  106 (N)

Diagonals

2.38  105 (N)

6.6  105 (N)

Verticals

1.25  105 (N)

9.3  105 (N)

End post

1.52  105 (N)

1.06  106 (N)

(a) Top chord

(b) Bottom chord

(c) Diagonals

(d) Verticals
Figure 2.15: Axial forces in each member
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We now examine the top chord system lateral deformations for the different incremental steps,
which show large lateral deformations as shown in Figure 2.16. When the applied load is DL+1.33 
LL, the lateral deformation starts showing a z-shape configuration, typical of impending instability,
plotted as a dotted line in Figure 2.16. With just 1% additional live load, the deformation increased
significantly, as shown by the dashed line, and, with an additional 0.2% live load, it became even
larger. The finite element bridge model exhibited a significantly large lateral deformation of the entire
top chord before the analyses terminated at this load step, inferring that such a structure’s collapse
might be related to instability in the top chord system.

Top chord
deformation shapes

Figure 2.16: Lateral deformation shape of the top chord system in different load steps
Figure 2.17 displays the lateral displacement load history in the tip node of the verticals observed
in the fifth (V5) and middle (V6) verticals as a function of the applied load steps. The figure clearly
shows that the lateral displacements increase linearly from the start of load application up to the end of
the application of the dead load (step 1). Then, they continue still as linear when the live load is
applied until the point corresponding to 1.32 times the live load (step 2.32). At this point, abrupt and
dramatic increases in the lateral displacements in opposite directions were observed at the upper tips
of both V5 and V6 members, which started immediately prior to the bridge’s failure. Therefore, they
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can confirm that the bridge collapsed because of stability loss in the top chord system. In addition,
Abaqus interrupted such analysis with a message displaying negative eigenvalues in the system matrix,
which is a clear indication of the loss of stability.
The above information indicates that the bridge structure’s failure was not due to the failure of a
local member that reached its capacity. Instead, it reveals that a certain instability mechanism was
triggered and led to the global system failure.

Figure 2.17: Lateral displacement of the tip of the connection of top chord and vertical as a function of
the load steps
Prior to the analytical study of the instability phenomenon in the upper chord of truss system, it is
interesting to discuss the results of another progressive collapse analysis that was conducted by
assuming the top chord members as rigid bars for the pin-connected-type bridge (model 1) with the
same material, loading, and boundary conditions. Similar conclusions were obtained, as shown in
Figure 2.18 which depicts large lateral deformations of the top chords in the last few incremental
loading steps.
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Top chord
deformation shapes
(Rigid bar model)

Figure 2.18: Lateral deformation shape of top chords in the last few loading steps
The values of the axial forces in each top chord member, labeled T1–T6 and shown in Fig. 2.19,
showed that both models have almost the same axial force magnitudes (only 1% difference).
Therefore, we can conclude that the rigidity of top chord members did not affect their lateral
deformation shapes or axial forces.
𝑆𝑦𝑚𝑚

(−1.39)
(T1)

(−2.57)
(T2)

(−3.54)
(T3)

(−4.08)
(T4)

(−4.55)
(T5)

(−4.68)
(T6)

Unit: 105 (N)

Figure 2.19: Axial force of the rigid top chord model at the last loading step
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Stability analysis of the truss-type bridge system
Multi-degree-of-freedom systems

The analytical derivation and calculation of critical (buckling) load and its corresponding deformed
shape are essential and necessary for fully understanding the failure and collapse mechanisms of the
pedestrian bridge truss system.
Prior to analyzing the analytical solution of a truss-type bridge, a three-span structure made of
three rigid bars, of equal length L, is analyzed as a fundamental example; the three-span structure is
placed between a roller at one end and a pin at the other. The center bar is connected to the two edge
bars with pins and each interior pinned joint is constrained laterally by an elastic spring with
coefficient k, as shown in Figure 2.20. In a typical static equilibrium problem under axial loads, the
structure’s stiffness is assumed to be independent of the applied load. This assumption is valid in the
structure prior to buckling.

Figure 2.20: The three-span pin-connected simply supported structure
Buckling analysis assumes small deflections. Under axial compressive force P, the deformations at
each node are respectively expressed as δ1 and δ2, as shown in Figure 2.21.

Figure 2.21: Deformed shape of the three-span structure
The lateral reaction forces Ra and Rd at both ends can be calculated by imposing the equilibrium of the
𝑃

𝑃

moments at point b and point c to obtain 𝑅𝑎 = 𝐿 𝛿1 and 𝑅𝑑 = 𝐿 𝛿2
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Then, by taking the moments about point a and point d, we obtain
∑ 𝑀𝑎 = 0 ; 𝑅𝑑 (3𝐿) = 𝑘𝛿1 𝐿 + 𝑘𝛿2 (2𝐿)
∑ 𝑀𝑑 = 0 ; 𝑅𝑎 (3𝐿) = 𝑘𝛿1 (2𝐿) + 𝑘𝛿2 𝐿
and substituting the expressions of 𝑅𝑎 and 𝑅𝑑 , leads to
𝑘𝐿
2𝑘𝐿
( − 𝑃) 𝛿1 +
𝛿 =0
3 2
→ { 3
2𝑘𝐿
𝑘𝐿
𝛿1 + ( − 𝑃) 𝛿2 = 0
3
3
Eliminating the reaction forces leads to a linear homogeneous algebraic equation system; rearranging
this system in a matrix form:
𝑘𝐿

( − 𝑃)
[ 3 2𝑘𝐿
3

2𝑘𝐿
𝛿
3
] { 1}
𝑘𝐿
𝛿
( 3 − 𝑃) 2

0
={ }
0

(2.4)

Equation (2.4) can be rearranged in an equivalent form as
𝑘𝐿
3
([2𝑘𝐿
3

2𝑘𝐿
3
𝑘𝐿 ] −
3

𝑃
[
0

𝛿
0
0
]) { 1 } = { }
𝛿2
𝑃
0

(2.5)

form that is more convenient to handle when looking at the associate eigenvalue problem
The eigenvalue problem associated with Equation (2.5) can be expressed as
(Ke – φKg) Δ = 0

(2.6)

where
Ke =

𝑘𝐿
3
[2𝑘𝐿
3

Kg = [

𝑃
0

2𝑘𝐿
3
𝑘𝐿 ];
3

this is the stiffness matrix associated with the contributions of the lateral springs

0
]; this is the geometrical stiffness matrix
𝑃

φ is the eigenvalue
Δ is the eigenvector
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Let us now return to the linear homogeneous system of Equation (2.5), the increase of axial force
P results in the increase of lateral deformation and the decrease of system stiffness. If the axial force is
equal to the system’s load-carrying capacity, which is the buckling load, the system stiffness will
become zero. Accordingly, the buckling load will be the load that makes the system stiffness matrix
singular (Galambos 2008). Therefore, Equation (2.7) has a non-trivial solution of Δ, which indicates
that the deflections δ1 and δ2 are not all zero, if and only if the determinant of the system stiffness
matrix becomes zero.
𝑘𝐿

2𝑘𝐿
3
|
𝑘𝐿
( 3 − 𝑃)

( − 𝑃)
det | 3 2𝑘𝐿
3

=0

(2.7)

The expansion of the above determinant leads to a second order polynomial equation
𝑃2 −

4𝑘𝐿
𝑃
3

+

𝑘 2 𝐿2
3

=0

(2.8)

; 𝑃𝑐𝑟2 = 𝑘𝐿

(2.9)

whose solutions are
𝑃𝑐𝑟1 =

𝑘𝐿
3

The smaller of the two critical loads is of interest to a structural engineer, and the substitution of the
smaller critical load in Equation 2.4 results in the configuration of the first buckled mode shape, which
is expressed as
𝛿
1
Δcr = { 1 } = { }
𝛿2
−1

(2.10)

and illustrated in Figure 2.22 (a).

(a) First mode
while the substitution of the larger critical load shows the second buckled mode shape, which is shown
as
𝛿
1
Δcr = { 1 } = { }
𝛿2
1
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and displayed in Figure 2.22 (b)

(b) Second mode
Figure 2.22: Configuration of the buckled mode shapes
For this three-span structure, if the axial force is equal to the buckling load (critical load) of the
structural system, an instability mechanism is triggered, which leads to global system failure. The
buckled mode shape is similar to that of the specification in the design guideline (Galambos 1998).
2.8.2

Ideal 12-span top chord model

Now that we have understood the buckling behavior of a simple 3-bar system, let’s focus our attention
on a more complicated system that can represent the upper chord of the pedestrian truss bridge
previously analyzed. Here, we can model the upper chord of the truss bridge structure as a 12-span
system, and the analysis follows the same modeling procedure as mentioned in previous section: we
model it as an equally spaced simply supported structure comprised of 12 pin-connected rigid bars as
shown in Fig. 2.23. The verticals of the truss bridge system are simulated by elastic lateral springs
with equal stiffness

k

except for the middle vertical as

αk

(0 < α ≤ 1), where α denotes the

contribution factor of the middle vertical between two spans to resist lateral displacement. The factor
α is assigned here because the diagonals do not have contribution to the force distribution of the
middle vertical element for the 12-span pedestrian truss bridge.

Figure 2.23: The 12-span pin-connected simply supported structure
We conduct the buckling analysis with the assumption of small deflection as mentioned previously.
Under the axial compressive force P, the deformations at each node are expressed as δ1–δ11 as shown
in Fig. 2.24.
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Figure 2.24: Deformed shape of the 12-span structure
We can calculate the lateral reaction forces Ra and Rn at both ends as Pδ1/L and Pδ11/L by simply
taking their moments with respect to nodes b and m, respectively, in the deformed configuration. We
derive the equilibrium equations for this 11-degrees-of-freedom system as follows:
𝑃

∑ 𝑀𝑏 = 0 ; 𝑅𝑎 𝐿 = 𝑃𝛿1 → 𝑅𝑎 = 𝛿1

(2.12a)

𝐿

𝑃

∑ 𝑀𝑚 = 0 ; 𝑅𝑛 𝐿 = 𝑃𝛿11 → 𝑅𝑛 = 𝛿11

(2.12b)

𝐿

𝑃

∑ 𝑀𝑐 = 0 ; 𝑅𝑎 2𝐿 = 𝑘𝛿1 𝐿 + 𝑃𝛿2 → ( 𝛿1 ) 2𝐿 = 𝑘𝛿1 𝐿 + 𝑃𝛿2
𝐿

𝑃

∑ 𝑀𝑘 = 0 ; 𝑅𝑛 2𝐿 = 𝑘𝛿11 𝐿 + 𝑃𝛿10 → ( 𝛿11 ) 2𝐿 = 𝑘𝛿11 𝐿 + 𝑃𝛿10
𝐿

𝑃

∑ 𝑀𝑑 = 0 ; 𝑅𝑎 3𝐿 = 𝑘𝛿1 2𝐿 + 𝑘𝛿2 𝐿 + 𝑃𝛿3 → ( 𝛿1 ) 3𝐿 = 𝑘𝛿1 2𝐿 + 𝑘𝛿2 𝐿 + 𝑃𝛿3
𝐿

𝑃

∑ 𝑀𝑗 = 0 ; 𝑅𝑛 3𝐿 = 𝑘𝛿11 2𝐿 + 𝑘𝛿10 𝐿 + 𝑃𝛿9 → ( 𝛿11 ) 3𝐿 = 𝑘𝛿11 2𝐿 + 𝑘𝛿10 𝐿 + 𝑃𝛿9
𝐿

𝑃

∑ 𝑀𝑒 = 0 ; 𝑅𝑎 4𝐿 = 𝑘𝛿1 3𝐿 + 𝑘𝛿2 2𝐿 + 𝑘𝛿3 𝐿 + 𝑃𝛿4 → ( 𝛿1 ) 4𝐿 = 𝑘𝛿1 3𝐿 + 𝑘𝛿2 2𝐿 + 𝑘𝛿3 𝐿 + 𝑃𝛿4
𝐿

𝑃

∑ 𝑀𝑖 = 0 ; 𝑅𝑛 4𝐿 = 𝑘𝛿9 𝐿 + 𝑘𝛿10 2𝐿 + 𝑘𝛿11 3𝐿 + 𝑃𝛿8 → ( 𝛿11 ) 4𝐿 = 𝑘𝛿9 𝐿 + 𝑘𝛿10 2𝐿 + 𝑘𝛿11 3𝐿 + 𝑃𝛿8
𝐿

𝑃

∑ 𝑀𝑓 = 0 ; ( 𝛿1 ) 5𝐿 = 𝑘𝛿1 4𝐿 + 𝑘𝛿2 3𝐿 + 𝑘𝛿3 2𝐿 + 𝑘𝛿4 𝐿 + 𝑃𝛿5
𝐿

𝑃

∑ 𝑀ℎ = 0 ; ( 𝛿11 ) 5𝐿 = 𝑘𝛿8 𝐿 + 𝑘𝛿9 2𝐿 + 𝑘𝛿10 3𝐿 + 𝑘𝛿11 4𝐿 + 𝑃𝛿7
𝐿

𝑃

∑ 𝑀𝑔 = 0 ; ( 𝛿1 ) 6𝐿 = 𝑘𝛿1 5𝐿 + 𝑘𝛿2 4𝐿 + 𝑘𝛿3 3𝐿 + 𝑘𝛿4 2𝐿 + 𝑘𝛿5 𝐿 + 𝑃𝛿6
𝐿

(2.12c)
(2.12d)
(2.12e)
(2.12f)
(2.12g)
(2.12h)
(2.12i)
(2.12j)
(2.12k)

𝑃

∑ 𝑀𝑎 = 0 ; ( 𝛿11 ) 12𝐿 = 𝑘𝛿1 𝐿 + 𝑘𝛿2 2𝐿 + 𝑘𝛿3 3𝐿 + 𝑘𝛿4 4𝐿 + 𝑘𝛿5 5𝐿
𝐿

+𝛼𝑘𝛿6 6𝐿 + 𝑘𝛿7 7𝐿 + 𝑘𝛿8 8𝐿 + 𝑘𝛿9 9𝐿 + 𝑘𝛿10 10𝐿 + 𝑘𝛿11 11𝐿
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𝑃

∑ 𝑀𝑛 = 0 ; ( 𝛿1 ) 12𝐿 = 𝑘𝛿1 11𝐿 + 𝑘𝛿2 10𝐿 + 𝑘𝛿3 9𝐿 + 𝑘𝛿4 8𝐿 + 𝑘𝛿5 7𝐿
𝐿

+𝛼𝑘𝛿6 6𝐿 + 𝑘𝛿7 5𝐿 + 𝑘𝛿8 4𝐿 + 𝑘𝛿9 3𝐿 + 𝑘𝛿10 2𝐿 + 𝑘𝛿11

(2.12m)

The static equilibrium equations for this system under axial force P give the form as
K Δ = (Ke − Kg) Δ = 0

(2.13)

where K (= Ke − Kg) is the stiffness matrix, Ke representing the contribution from the lateral springs,
has the following structure
−𝑘𝐿
0
−2𝑘𝐿
0
−3𝑘𝐿
Ke =
0
−4𝑘𝐿
0
−5𝑘𝐿
−𝑘𝐿
[−11𝑘𝐿

0
0
−𝑘𝐿
0
−2𝑘𝐿
0
−3𝑘𝐿
0
−4𝑘𝐿
−2𝑘𝐿
−10𝑘𝐿

0
0
0
0
−𝑘𝐿
0
−2𝑘𝐿
0
−3𝑘𝐿
−3𝑘𝐿
−9𝑘𝐿

0
0
0
0
0
0
−𝑘𝐿
0
−2𝑘𝐿
−4𝑘𝐿
−8𝑘𝐿

0
0
0
0
0
0
0
0
−𝑘𝐿
−5𝑘𝐿
−7𝑘𝐿

0
0
0
0
0
0
0
0
0
−6𝛼𝑘𝐿
−6𝛼𝑘𝐿

0
0
0
0
0
0
0
0
0
−7𝑘𝐿
−5𝑘𝐿

0
0
0
0
0
0
0
−𝑘𝐿
0
−8𝑘𝐿
−4𝑘𝐿

0
0
0
0
0
−𝑘𝐿
0
−2𝑘𝐿
0
−9𝑘𝐿
−3𝑘𝐿

while the geometrical stiffness matrix Kg is represented as
−2𝑃
0
−3𝑃
0
−4𝑃
Kg =
0
−5𝑃
0
−6𝑃
0
[−12𝑃

𝑃
0
0
0
0
0
0
0
0
0
0

0
0
𝑃
0
0
0
0
0
0
0
0

0
0
0
0
𝑃
0
0
0
0
0
0

0
0
0
0
0
0
𝑃
0
0
0
0

0
0
0
0
0
0
0
0
𝑃
0
0

0
0
0
0
0
0
0
𝑃
0
0
0

0
0
0
0
0
𝑃
0
0
0
0
0

0
0
0
𝑃
0
0
0
0
0
0
0

0
𝑃
0
0
0
0
0
0
0
0
0

0
−2𝑃
0
−3𝑃
0
−4𝑃
0
−5𝑃
0
−12𝑃
0 ]

The vector Δ containing the unknown nodal deflections is represented by
Δ = {𝛿1 , 𝛿2 , 𝛿3 , 𝛿4 , 𝛿5 , 𝛿6 , 𝛿7 , 𝛿8 , 𝛿9 , 𝛿10 , 𝛿11 }T
while 0 indicated the null vector.

38

0
0
0
−𝑘𝐿
0
−2𝑘𝐿
0
−3𝑘𝐿
0
−10𝑘𝐿
−2𝑘𝐿

0
−𝑘𝐿
0
−2𝑘𝐿
0
−3𝑘𝐿
0
−4𝑘𝐿
0
−11𝑘𝐿
−𝑘𝐿 ]
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(

2𝑃
𝑘𝐿

− 1)

−

0
(

3𝑃
𝑘𝐿

0

− 2)

−1

0
(

4𝑃
𝑘𝐿

0

− 3)

−2

0
(

5𝑃
𝑘𝐿

0

− 4)

−3

0
(

6𝑃

𝑃
𝑘𝐿

0

0
−

𝑃
𝑘𝐿

0
−1
0
−2
0

0

0

0

0

0

0

0

0

0

0

0

0

0

0

0

0

0

0

0

0

0

0

0

0

0

0

0

−

𝑃
𝑘𝐿

0
−1
0

0
−

𝑃
𝑘𝐿

0

0

0

0

−1

−2

−3

0

0

0

0

0

0
−

𝑃
𝑘𝐿

−3

−2

−1

−

−2

−3

−4

−5

−6𝛼

−7

−8

−9

−10 (

[( 𝑘𝐿 − 11) −10

−9

−8

−7

−6𝛼

−5

−4

−3

−2

−1
12𝑃

𝑘𝐿

𝑘𝐿

− 1)
0

−1

−2

𝑘𝐿

2𝑃

𝛿1
0
𝛿
2
0
3𝑃
( − 2)
𝛿3
0
𝑘𝐿
𝛿4
0
0
𝛿5
0
4𝑃
𝛿6 = 0
( − 3)
𝑘𝐿
𝛿7
0
0
0
𝛿8
5𝑃
0
𝛿
9
( − 4)
𝑘𝐿
0
𝛿10
0
{𝛿11 } {0}

0

−1

−

𝑃

(

𝑘𝐿

0

0

𝑃

𝑃
𝑘𝐿

−

0

𝑃

0

0

0

−

0

−4

𝑘𝐿

− 5)

0

12𝑃
𝑘𝐿

(2.14)

− 11)

−1

]

An increase of axial force P results in an increase of lateral deformation and, consequently, a
decrease of the system stiffness K. If the axial force is equal to the system’s load-carrying capacity,
the system stiffness becomes zero. According to this principle, the buckling load will be that load that
makes the system stiffness matrix singular. Therefore, Equation 2.14 has the non-trivial solution Δ,
which means that the deflections δ1–δ11 are not all zero, if and only if the system stiffness matrix’s
determinant becomes zero. We can then calculate the buckling load Pcr from Equation (2.14).
For simplicity, let P/kL = β so that det(Ke − φKg) = 0 is expressed as follows
(2β − 1)
|
|
det |
|
|

−β

0

0

0

0

0

0

0

0

0

0

0

0

0

0

0

0

0

0

−β

(3β − 2)

−1

−β

0

0

0

0

0

0

0

(2β − 1) |

0

0

0

0

0

0

0

0

−β

−1

(4β − 3)

−2

−1

−β

0

0

0

0

0

0

0

0

0

0

0

0

0

−β

−1

−2

(5β − 4)

−3

−2

−1

0

0

0

0

0

0

0

0

0

0

0

0

−β

−1

−2

−3

(6β − 5)

−4

−3

−2

−1

0

0

0

0

0

−1

−2

−3

−4

−5

−6α

−7

−8

−9

−10 (12β − 11)|

(12β − 11) −10

−9

−8

−7

−6α

−5

−4

−3

−2

0
(3β − 2) |
0
(4β − 3) | = 0

(2.15)

0
(5β − 4) |
0
−1

To obtain a closed-form solution of Equation (2.15) is quite cumbersome, if not impossible. Instead, a
numerical solution can be obtained if a value of α is chosen. For the case of α = 1 (e.g. all the lateral
supports have the same stiffness) the decomposition of the above determinant leads to an 11-order
polynomial equation with unknown β, which leads to the following polynomial equation:
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−144 𝛽11 + (3432)𝛽10 − (24024)𝛽 9 + (77220)𝛽 8 − (137280)𝛽 7 + (148512)𝛽 6
−(102816)𝛽 5 + (46512)𝛽 4 − (13680)𝛽 3 + (2520)𝛽 2 − (264)𝛽 + 12 = 0

(2.16)

The first root is obtained as β1 = 0.2543 and this leads to the critical (buckling) load Pcr
Pcr = β1kL = 0.2543kL

(2.17)

The corresponding deformed shape to the buckling load is the buckled mode shape illustrated in
Figure 2.25.
𝛿1
0.2588
𝛿2
−0.5
𝛿3
0.7071
𝛿4
−0.866
𝛿5
0.9659
Δcr = 𝛿6 =
−1
𝛿7
0.9659
−0.866
𝛿8
0.7071
𝛿9
−0.5
𝛿10
[
0.2588 ]
[𝛿11 ]
−1

−0.866

(2.18)

−0.866

−0.5

−0.5

0.2588

0.2588
0.707

0.9659

0.9659

0.707

Figure 2.25: Configuration of the first buckled mode shape
Figure 2.26 shows the relationship between β1 and α for pin-connected bridges with two, three and
twelve spans by solving their corresponding characteristic equations like Equation (2.15). It is found
that the magnitude of buckling load β1kL increases as α increases and decreases as the number of span
increases. As α = 0 indicating no lateral support between two neighboring spans, the entire
pin-connected bridge system is unstable, as expected. For the two- and three-span half-through bridge,
assumed that the overall lateral stiffness is mainly contributed by the vertical members (i.e. α = 1), we
found that the calculated buckling loads by the proposed analytical approach are exactly same as those

40

Chapter 2.

Progressive Collapse Analysis of Pedestrian Bridges

by finite element method through Abaqus. So are the cases of α = 0.5. This proves the accuracy of
buckling load (0.2543kL) obtained by the proposed approach for the twelve-span bridge.

Figure 2.26: β1 for different spans and values of α
2.8.3

Lateral stiffness of U-shaped verticals

According to AASHTO Specifications Article 7.1.1, the truss verticals should be adequate to resist the
lateral force so to limit lateral deformations (AASHTO 2009). Furthermore, Equation 2.17 shows that
the buckling load of the top chord member is a function of the verticals’ lateral stiffness. The
transverse U-frame that contains the vertical components and floor beam provides the lateral support
of the target bridge structure. Therefore, it is necessary to evaluate the lateral stiffness provided by the
U-frame in truss-type pin-connected bridges.
A series of finite element models are constructed to determine the lateral stiffness

k

of the

U-frame with floor beam length H in different elevations of η Lc, as shown in Figure 2.27. η = 0.9
denotes that the floor beam is connected near the bottom of the verticals. The rigidity of floor beam
EIb is twice that of vertical EIc. Figure 2.28 shows the lateral deformation at the top of U-frame due to
the unit load at the same location and direction. The lateral stiffness ( k = u /  ) of the U-frame with
different η are as shown in Figure 2.29. As η increases, the stiffness increases and then decreases,
reaching the largest value at η = 0.4.
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Figure 2.27: U-frame with the floor beam in different elevations

δ

u

Figure 2.28: Lateral-force deformation of the U-frame

Figure 2.29: Lateral stiffness of the U-frame with the floor beam at different locations
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We compared the above results with the solutions used in the bridge design codes to verify the
finite element solution (AASHTO 2009). According to the code formula, the deflection  of the
U-frame takes the form:


=

uHL2c
2EIb

uL3

+ 3EIc

(2.19)

c

where the first term is the deflection due to the floor beam rotation and the second term is the
deflection caused by the verticals under unit force. Therefore, we evaluate the lateral stiffness

k

of

the U-frame with

k

When η = 1, the calculated stiffness
solution

k

k

HL2

−1

L3

= (2EIc + 3EIc )
b

c

(2.20)

is 4.9  105 (N/m), which is close to the finite element

as shown in Figure 2.28. For the target bridge, η equals to 0.9.

The stiffness

k

from the finite element model is used to calculate the buckling load as Pcr =

0.2543k L = 3.96  105 (N). Upon comparing the buckling analysis results of the 3D model of the target
bridge with those of the ideal 2D model, we found that even though both buckled deformation shapes
were similar in the middle six top-chord members, the system buckling load Pcr (= 4.63  105 N) of the
3D model was 15% larger than Pcr (= 3.96  105 N) in the 2D ideal model. This can be attributed to the
variable axial force at each top chord, which the 2D ideal model ignores. Therefore, we modified the
2D model by applying additional variable joint loads as described in the following section.
2.8.4

Modified 12-span pin-connected model structure

In the ideal 2D model structure (Figure 2.22) the axial force is the same in each member; however, this
is not true in a truss structure, since, at the joints, there are contributions of the diagonals. To solve this
problem, we apply an additional variable axial load ∆𝑃𝑖 at each joint (i = 1, 2, ⋯, Njoints); it takes the
form
𝐹𝑖+1 −𝐹𝑖
)𝑃
𝐹1

∆𝑃𝑖 = (

43

; 𝑖 = 1~𝑁joints

(2.21)
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where F1 and Fi are the axial forces of the first (T1) and of the ith top chord member, respectively,
forces that are obtained from the 3D model at the final loading step. It is noted that the axial force at
each top chord is the sum of the applied joint loads from the first top chord to the designated top chord.
Table 2.4 lists the values of these additional loads and Figure 2.30 shows the variable applied joint
loads and axial forces of the “newly” defined 2-D element model used to study instability of the upper
chord.
Table 2.4: Variable applied joint loads and axial forces
Span

Top chord member

Applied joint load

Accumulation
of joint loads

Axial force
of top chord

1

T1

𝑃

𝑃

P

2

T2

3
4
5
6

T3
T4
T5
T6

1

2.5737 − 1.3982

∆𝑃1 = (

) 𝑃 = 0.84𝑃

1.3982
1.3982
1.3982

4.5522 − 4.0804

∆𝑃4 = (

1.3982
1.3982

𝑃 + ∑ ∆𝑃𝑖

2.53P

3

) 𝑃 = 0.38𝑃

𝑃 + ∑ ∆𝑃𝑖

2.91P

𝑖=1
4

) 𝑃 = 0.33𝑃

4.6757 − 4.5522

∆𝑃5 = (

2

) 𝑃 = 0.69𝑃

𝑖=1

4.0804 − 3.5409

∆𝑃3 = (

1.84P

𝑖=1

3.5409 − 2.5737

∆𝑃2 = (

𝑃 + ∑ ∆𝑃𝑖

𝑃 + ∑ ∆𝑃𝑖

3.24P

𝑖=1
5

) 𝑃 = 0.08𝑃

𝑃 + ∑ ∆𝑃𝑖

3.32P

𝑖=1

Figure 2.30: Modified 12-span rigid-bar system added with additional variable joint loads
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Following the same procedure as equilibrium Equations (2.12), the new geometric stiffness matrix
looks like
−2.84𝑃
0
−3.84𝑃
0
−4.84𝑃
0
−5.84𝑃
0
−6.84𝑃
0
[ −12𝑃

Kg =

1.84𝑃
0
−0.69𝑃
0
−0.69𝑃
0
−0.69𝑃
0
−0.69𝑃
0
0

0
0
2.53𝑃
0
−0.38𝑃
0
−0.38𝑃
0
−0.38𝑃
0
0

0
0
0
0
2.91𝑃
0
−0.33𝑃
0
−0.33𝑃
0
0

0
0
0
0
0
0
3.24𝑃
0
−0.08𝑃
0
0

0
0
0
0
0
0
0
0
3.32𝑃
0
0

0
0
0
0
0
0
0
3.24𝑃
0
0
0

0
0
0
0
0
2.91𝑃
0
−0.33𝑃
0
0
0

0
0
0
2.53𝑃
0
−0.38𝑃
0
−0.38𝑃
0
0
0

0
1.84𝑃
0
−0.69𝑃
0
−0.69𝑃
0
−0.69𝑃
0
0
0

0
−2.84𝑃
0
−3.84𝑃
0
−4.84𝑃
0
−5.84𝑃
0
−12𝑃
0 ]

(2.22)
and this will lead to a modified system stiffness matrix Km as
Km =
2.84𝑃
− 1)
| 𝑘𝐿
0
(

3.84𝑃
|(
− 2)
𝑘𝐿
|

−

1.84𝑃
𝑘𝐿

0

0

0

0

0

0

0

0

0

0

1.84𝑃
−
𝑘𝐿

|
2.84𝑃
(
− 1)
𝑘𝐿

0

0

0

0

0

0

0

0.69𝑃
(
− 1)
𝑘𝐿

2.53𝑃
−
𝑘𝐿

0

0

0

0

0

0

0

0

0

2.53𝑃
−
𝑘𝐿

0.69𝑃
(
− 1)
𝑘𝐿

3.84𝑃
(
− 2)
𝑘𝐿
|

|

0

0

0

0

0

0

0

4.84𝑃
(
− 3)
𝑘𝐿

0.69𝑃
(
− 2)
𝑘𝐿

0.38𝑃
(
− 1)
𝑘𝐿

2.91𝑃
−
𝑘𝐿

0

0

0

0

0

0

0

0

2.91𝑃
−
𝑘𝐿

0.38𝑃
(
− 1)
𝑘𝐿

0.69𝑃
(
− 2)
𝑘𝐿

4.84𝑃
(
− 3)|
𝑘𝐿

|

0

0

0

0

0

0

5.84𝑃
(
− 4)
| 𝑘𝐿

0.69𝑃
(
− 3)
𝑘𝐿

0.38𝑃
(
− 2)
𝑘𝐿

0.33𝑃
(
− 1)
𝑘𝐿

3.24𝑃
−
𝑘𝐿

0

0

0

0

0

0

0

0

0

0

0

0

3.24𝑃
−
𝑘𝐿

0.33𝑃
(
− 1)
𝑘𝐿

0.38𝑃
(
− 2)
𝑘𝐿

0.69𝑃
(
− 3)
𝑘𝐿

5.84𝑃
(
− 4)
𝑘𝐿

0

0

0

0

0

|(
|

6.84𝑃
− 5)
𝑘𝐿

(

0.69𝑃
− 4)
𝑘𝐿

(

0.38𝑃
− 3)
𝑘𝐿

(

0.33𝑃
− 2)
𝑘𝐿

(

0.08𝑃
− 1)
𝑘𝐿

−

3.32𝑃
𝑘𝐿

|

|

−1

−2

−3

−4

−5

−6𝛼

−7

−8

−9

−10

12𝑃
(
− 11)
𝑘𝐿

12𝑃
(
− 11)
𝑘𝐿
|

−10

−9

−8

−7

−6𝛼

−5

−4

−3

−2

−1

(2.23)
Again, for P/kL = β, and 𝛼 = 1 we may calculate the critical buckling load Pm,cr by setting det Km = 0.
which leads to the following polynomial equation:
− 920986.4964 𝛽11 + (13654581.66)𝛽10 − (56046182.62)𝛽 9 + (90111086.27)𝛽 8
−(73795816.05)𝛽 7 + (35043590.68)𝛽 6 − (10302337.98)𝛽 5 + (1928737.77)𝛽 4
−(229713.6957)𝛽 3 + (16808.9448)𝛽 2 − (687.36)𝛽 + 12 = 0
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In this case, the first root of β is obtained as β = 0.0802 which is much smaller than the one
corresponding to the unmodified system (0.2543). The corresponding nodal displacements in the
deformed shape Δ m ,c r , are listed below and illustrated in Figure 2.31; this agrees well with the
deformed shape of the 3D model at the last loading step as shown in Figure 2.32.

Δ m ,c r

𝛿1
0.0168
𝛿2
−0.0881
𝛿3
0.2696
𝛿4
−0.5744
𝛿5
0.8773
−1
= 𝛿6 =
𝛿7
0.8773
𝛿8
−0.5744
𝛿9
0.2696
𝛿10
−0.0881
[𝛿11 ] [ 0.0168 ]

(2.25)

−1
−0.5744

−0.5744
−0.0881

0.0168

−0.0881

0.2696

0.2696

0.0168

0.8773

0.8773

Figure 2.31: The buckled deformed shape of the modified model

Figure 2.32: Deformed shape of the 3D model at the last loading step (top view)
The buckled shape comparison between the two 12-span structures is shown in Figure 2.33 where
the buckled mode of the original ideal 12-span structure is depicted as a dashed line, while the
modified 12-span is illustrated as a solid line. The axial forces of the top chords for the modified
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structure, the original 12-span structure, and the 3D model (pin-connected) are listed in Table 2.5. We
found that, when using the modified scheme, the buckling loads Pm,cr calculated for each top chord
(T1–T6) are now closer to the axial forces observed from the pin-connected 3D model in Figure 2.14
with < 10% error. Thus, we may conclude that the main reason for the collapse of the pin-connected
truss-type pedestrian bridge system is the instability of the top chord member under compression
rather than the failure of the tension members in the traditional sense as stated in previous studies.
(AASHTO 2010, 2012; Connor et al. 2005; Lwin 2012)

Figure 2.33: Comparison of the buckled mode shape

Table 2.5: The axial force of each top chord member
Top chord

Pm,cr = 0.0802kL

member

(Modified)

1

T1

0.0802kL = 1.25  105 (N)

3.96  105 (N)

1.37  105 (N)

2

T2

0.1476kL = 2.30  105 (N)

3.96  105 (N)

2.54  105 (N)

3

T3

0.2029kL = 3.16  105 (N)

3.96  105 (N)

3.44  105 (N)

4

T4

0.2334kL = 3.63  105 (N)

3.96  105 (N)

4.09  105 (N)

5

T5

0.2598kL = 4.04  105 (N)

3.96  105 (N)

4.46  105 (N)

6

T6

0.2663kL = 4.15  105 (N)

3.96  105 (N)

4.63  105 (N)

Span
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Progressive collapse analysis of beam-connected model bridge

Now let’s look into the failure mode of the same pedestrian bridge but using a model that has the
upper chord modelled with beam elements, and the progression of the bridge deformation until
collapse. We applied the same incremental loading procedure to the beam connected model of the
bridge until the model reached its load-carrying capacity. The deformed shapes at different load levels
are presented in Figure 2.36 (a)–(d), together with the von Mises stresses. Figure 2.36 (a). shows the
deformed shape of the bridge model under total dead load with the highest von Mises stress of 54 MPa
at the third floor beam next to the second vertical. This indicates that the model’s deformations are in
the elastic range. By amplifying the live load up to 3.19 times the original value, the yield stress is
reached for the first time (Figure 2.36 (b)). Here, the stress in the middle section of the fourth floor
beam reaches the yield stress (315 MPa) and so the bridge, even though it is still standing, it has
reached the inelastic range. Figure 2.36 (c) depicts a model with a live load factor ψ = 3.43; at this
load condition, yielding was observed at outer layer of middle top chord T6 and the von Mises
configuration shows more components yielded on nine floor beams (from the third floor beam to the
eleventh floor beam). However, yielding occurs only in some portions of the lower central part of the
floor beams and remains in the early stage. Therefore, the floor beams are still capable of carrying the
load and do not appear to be the dominant reason for this model’s collapse. Finally, as shown in
Figure 2.36 (d), when the live load amplification factor reaches 3.53, the accumulated deformations
produced a more significant geometrical change that affected the end results (second-order effects).
Member buckling was observed at the middle top chord (T6) where compressive axial force at the last
load step reached the nominal buckling capacity value (1.06  106 N) of the element. In this model, the
results of this analysis indicated that inelastic buckling caused by partial yielding of fibers in the
cross-section of the middle top chord caused the collapse of this bridge model.
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(a) DL + 0 × LL

(b) DL + 3.19 × LL

(c) DL + 3.43 × LL
(Buckled at T6)

(T6)

(d) DL + 3.53 × LL
Figure 2.34: Deformed shapes of a beam-connected model bridge at different loading steps
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2.10

Failure criteria of members under axial force and bending moment

When using the beam element to represent the upper chord, there is now an interaction between the
axial force and the two bending moments that affect the strength of the cross-section. This problem
was not a concern when we modelled the upper chord with truss elements.
Many researchers have investigated the plastic strength of typical cross-sections subjected to the
combined action of axial force and bending moments. Santathadaporn and Chen (1968) proposed
mathematical equations to calculate the plastic axial strength and full plastic moments for some typical
rectangular shapes and I-shaped steel sections. Chen and Atusta (1972) developed other mathematical
equations to draw full yield surfaces for steel sections such as wide-flange (I-shaped) and double-web
sections.
The above methods present precise solutions; however, they are relatively complicated when
considering three-dimensional frame cases that combine axial forces and biaxial moments. Following
Lee and Tseng (1983), Duan and Chen (1989, 1990) revised the empirical formula to check the
capacity of a member with an I-shaped cross-section that was subject to both bending moment and
axial force. Under the assumption that the 𝑥- and 𝑦-axes are the strong and weak ones, respectively,
the interaction formulas of uni-axial bending moment and axial force take the form
𝑀𝑥
𝑀𝑝𝑥

𝑀𝑦
𝑀𝑝𝑦

𝑃

1.3

= [1 − (𝑃 )
𝑢𝑥

𝑃

(2.26a)

3

= [1 − (𝑃 ) ]
𝑢𝑦

]

(2.26b)

where 𝑀𝑥 and 𝑀𝑦 are the respective bending moments of the member about the 𝑥- and 𝑦- axes and
𝑀𝑝𝑥 and 𝑀𝑝𝑦 are their respective plastic moment capacities in the 𝑥- and 𝑦- axes. 𝑃 is the applied
axial force, 𝑃𝑢𝑥 and 𝑃𝑢𝑦 are the member axial force capacity along the strong axis and along the
weak axis. These axial force capacities were computed with the same procedure as the ultimate
compressive strength considering global buckling. In addition, Duan and Chen (1989, 1990) proposed
a general expression to describe the interaction curve of many doubly symmetric steel cross-sectional
shapes, including I-shaped, thin-walled circular sections, thin-walled rectangular, box shapes, and
solid circular sections. The form of expression depending on the section type, comprises four factors,
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𝛼𝑥 , 𝛼𝑦 , 𝛾𝑥 , and 𝛾𝑦 related to cross-section shapes and area distribution, which can be described as
follows:
𝛼

𝛼

𝑚𝑥 𝑥 (1 − 𝑝𝛾𝑦 )𝛼𝑦 + 𝑚𝑦 𝑦 (1 − 𝑝𝛾𝑥 )𝛼𝑥 − (1 − 𝑝𝛾𝑥 )𝛼𝑥 (1 − 𝑝𝛾𝑦 )𝛼𝑦 = 0

(2.27)

where the non-dimensional quantities: 𝑝 = 𝑃/𝑃𝑢 , the ratio of the applied axial force to the member
axial force capacity. 𝑚𝑥 = 𝑀𝑥 /𝑀𝑝𝑥 , the ratio of the 𝑥- axis bending moment to the corresponding
plastic moment capacity. 𝑚𝑦 = 𝑀𝑦 /𝑀𝑝𝑦 , the ratio of the 𝑦 - axis bending moment to the
corresponding plastic moment capacity. 𝛼𝑥 and 𝛼𝑦 are the factors addressing the contribution of
member capacity in the three-dimensional space; and 𝛾𝑥 and 𝛾𝑦 define the shape of the interaction
curve along the strong and weak axis, respectively. In addition, an alternative interaction expression
for Equation (2.27), proposed by Duan and Chen (1989) can be written as in Equation (2.28):
𝛼𝑥
𝑀𝑥
)
𝑀𝑝𝑐𝑥

(

+(

𝑀𝑦
𝑀𝑝𝑐𝑦

𝛼𝑦

)

𝑚𝑥 𝛼𝑥
)
1−𝑝𝛾𝑥

= 1 or (

+(

𝑚𝑦

1−𝑝

𝛾𝑦

𝛼𝑦

)

=1

(2.28)

where
𝑃 𝛾𝑥

𝑀𝑝𝑐𝑥 = 𝑀𝑝𝑥 [1 − (𝑃 ) ], is the moment capacity considering the effect of the axial force equal to
𝑢

𝑃 𝛾𝑥

1 − (𝑃 ) .
𝑢

𝑃 𝛾𝑦

𝑀𝑝𝑐𝑦 = 𝑀𝑝𝑦 [1 − (𝑃 ) ], is the moment capacity considering the effect of the axial force equal to
𝑢

𝑃 𝛾𝑦

1 − (𝑃 ) .
𝑢

The authors propose two similar formulas for a member with symmetric thin-walled box
cross-section as shown in Equation 2.29, where they have almost the same behavior as an I-shaped
section (wide-flange) bent about its strong axis (𝑥–𝑥). The first formula to check the member capacity
for a symmetric thin-walled box-shaped section is written as in Equation (2.29a). The second formula
was proposed by Duan and Chen (1988), in which the cross-sectional strength of the thin-walled box
type section depends on its width-to-depth ratio, i.e. 𝐵̅ =B/H, which influences the parameters 𝛾𝑥
and 𝛾𝑦 . The expression for 𝛾 takes the form 𝛾𝑥 = 𝛾𝑦 = 2 − 0.5𝐵̅. For a square box cross-section,
the width-to-depth ratio is 1 (where 𝐵̅ = B/H = 1) and so we have 𝛾𝑥 = 𝛾𝑦 = 1.5.
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The interaction curve of bending moment and axial force take the form:
𝑀𝑥
𝑀𝑝𝑥

𝑀𝑥
𝑀𝑝𝑥

𝑀

𝑃

= 𝑀 𝑦 = min [1.2 (1 − 𝑃 ) , 1]
𝑝y

𝑢

𝑃 1.5

𝑀

= 𝑀 𝑦 = [1 − (𝑃 )
𝑝y

𝑢

]

(2.29a)

(2.29b)

The AISC interaction equations are made by extensively evaluating the predictions using the
proposed equation and comparing them with the exact inelastic formulas obtained by previous
researchers Galambos and Ketter (1961), Tebedge and Chen (1974), Anslijn (1983), and Chen and
Zhou (1987). In the 1986 edition of AISC-LRFD Specification for Structural Steel Buildings (AISC
1986), the equations were developed based on numerous exact inelastic beam-column solutions
(Kanchanalai 1977; Bjorhovde et al. 1978) and the bilinear interaction equations of bending moment
and axial force for the symmetric cross-section were obtained in the form:
𝑃
𝑃𝑢

𝑃
𝑃𝑢

≥ 0.2

(2.30a)

𝑀

𝑃
𝑃𝑢

< 0.2

(2.30b)

𝑃
2𝑃𝑢

8

𝑀

𝑀

+ 9 (𝑀 𝑥 + 𝑀 𝑦 ) = 1 for
𝑝𝑥

𝑀

𝑝𝑦

+ (𝑀 𝑥 + 𝑀 𝑦 ) = 1 for
𝑝𝑥

𝑝𝑦

Figures 2.35 and 2.36 show the interaction curve of the non-dimensional axial strength, 𝑃/𝑃𝑢 , and
flexural strength 𝑀𝑥 /𝑀𝑝𝑥 about the 𝑥-axis for some selected top chord members (T4, T5, and T6)
and the curve 𝑃/𝑃𝑢 -𝑀𝑥 /𝑀𝑝𝑥 in the selected element of the top chord as the load is incrementally
increased on the bridge. Figure 2.35 shows that, when increasing the load on the bridge, the T6
member is dominated by the axial force, which increases gradually. The T6 member starts to yield at
the outside layer, and with the increase of axial force, it expands to the interior section of the element.
Until the axial force is great enough that the entire cross-section reaches yield stress, there would be
no resistance to bending moment. Thus, the more the yielding we have, the less moment the member
could take. When the axial force reaches around 90% of its axial force capacity while the moment
reaches 5% of its moment capacity, the extreme fiber reaches the yield limit. With the increment of
load, the member sustains further axial force and moments and the interaction curve continues until it
reaches a member capacity formula at the last incremental step when the T6 member buckles in this
state. However, members T4 and T5 respectively remain within the interaction curve at the last
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loading step when the axial force reaches 70% and 90% of its axial capacity as shown in Figure 2.36.
This confirms our findings that the collapse of beam-type bridges is due to the buckling failure of one
critical member instead of the failure of a tension component.

Figure 2.35: Interaction curve of the T6 member

Figure 2.36: Interaction curves of T4 (left) and T5 (right) members
Furthermore, since neither partial nor total collapse of the pedestrian bridge was caused by the
failure of tension components, this bridge structure is not categorized as “fracture-critical” in the
traditional classification. However, this pedestrian bridge is classified as “damaged-critical” since the
buckling failure of a compression component (middle top chord T6) is associated with the
load-carrying capacity of the bridge.
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Summary of results

According to the analyses, the results of pedestrian bridges considering two different connection types
are summarized as follows.
1. For the 3D pin-connected bridge (Model 1), the result of the analysis showed that the model
remains elastic until the last load step (load factor level of 1.34). Prior to the bridge’s failure, the top
chord system produced dramatic lateral displacements while none of its top chord members reaches
their member capacity. We found that the collapse of this bridge structure was not due to the failure
of a local member that reached its capacity. Therefore, a modified 2D structure was made to
properly simulate its buckling load and the associated deformed shape of the 3D Model 1’s upper
chord system. We can conclude that the collapse mechanism of this bridge type is linked to the
instability (global buckling) of the top chord system.
2. For the 3D beam-connected case (Model 2), the load-carrying capacity of this bridge type increased
to a load factor level of 3.53. This level is much larger than that of the pin-connected model. The
main difference between the two models is that the top chord system of Model 1 can only sustain
axial force, while the Model 2 is able to resist both axial force and bending moment. This makes
Model 2 become a stronger structure with the capability to reach inelastic stage and to sustain more
live loads than Model 1. The failure mechanism of beam-connected bridge structure is the local
buckling of an upper chord leading to the bridge to collapse due to stability loss in the top chord
system.
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2.11

Conclusions

The nonlinear static analysis result of target pin-connected pedestrian bridge depicts the collapse
progress and deformation shapes. The global behavior of the target bridge indicates that it will not
collapse due to local member failure. Instead, top chord system showed a significantly large lateral
deformation, inferring that such a structure’s collapse mechanism was caused by instability in the top
chord system.
Analytical study of the truss system was conducted to derive and calibrate the buckling load and
its associated buckled shape, which enables the global buckling behaviors of truss system to have a
good description of the collapse mechanism of the finite element model. In addition, the collapse
process and failure mechanism of the pedestrian bridges with two connection types were investigated
and compared. For the pin-connected bridge, global buckling of the top chord system exists and this
leads to unstable failure of the bridge system. For the beam-connected bridge, the failure mechanism
of such bridge type is due to the local buckling of a top chord, which leads to the whole bridge to
collapse. It is found that neither of the analyzed pedestrian bridges is fracture-critical structure.
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Corrosion of Steel Bridges
3.1

Introduction

Corrosion is one of the dominant causes of deterioration in steel bridges due to the aggressive
environment and inadequate maintenance (Kayser and Nowak 1989b). Corrosion is a time-based
process that generally takes several years to develop sufficient deterioration to cause concern; it can
threaten the long-term function and integrity of a steel bridge. The result of this deterioration is a
progressive deterioration of a bridge structure over a long period, and the main effect of corrosion is
the loss of surface material resulting in thinner member sections. The existence of the deteriorated
members could significantly reduce the load-carrying capacity of the bridge system (Gheitasi and
Harris 2016). The effect of corrosion on a bridge damage alter considerably and highly related with
the location and extent of deterioration of corroded members. Structural steel will corrode if left either
unprotected or inadequately protected from the natural environment or if subjected to severe
atmospheric conditions.

3.2

Review of bridge failure cases linked to corrosion

Corrosion has received much attention over the past few decades as a major cause of structural
damage and failure. Across the world, authorities often attribute bridge failures and fatigue-cracking
problems or collapses across the world to corrosion as it increases the probability of member loss,
particularly in older bridges (Khuyen 2016). For example, the Point Pleasant (Silver) Bridge over the
Ohio River collapsed on December 15, 1967 during rush hour traffic, causing the death of 46 people.
The bridge was an eyebar chain-suspended structure and its main cause of collapse (Figure 3.1) was
corrosion cracks in a single eyebar, which lead to its separation from the suspension chain.
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Figure 3.1: Collapse of Silver Bridge, Ohio, December 15, 1967 (NTSB 1970)
On June 28, 1983, the Mianus River Bridge on I-95 highway in Connecticut collapsed; three
people died and another three sustained injuries. That failure was due to the corrosion of components
in a pin-hanger assembly. The accumulation of corrosion products shifted the direction of the hanger
on the pin, causing a misalignment; this increased the stress range in the pin, accounting for a fatigue
crack, which led to the pin’s failure. A suspended span of the northbound section of the bridge
collapsed and fell into the river below, as shown in Figure 3.2 (NTSB 1984).

Figure 3.2: Collapse of Mianus River Bridge, Connecticut, 1983
In 2007, corrosion-induced fracture within diagonal members was found in two Japanese highway
steel truss bridges, as shown in Figures 3.3 and 3.4 (Lin 2013); fortunately, those failures did not lead to
devastating collapse of the two bridges and received great attention and research interest on the bridge’s
potential collapse due to member corrosion (Shimoi et al. 2015; Khuyen 2016).
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Figure 3.3: Takoi Ohashi Bridge, Japan, 2007

Figure 3.4: Honji Ohashi Bridge, Japan, 2007
However, a 57-year-old steel truss bridge across Tokushima and Kagawa prefectures in Japan, as
shown in Figure 3.5, reportedly collapsed in November 2007 because of severe corrosion in the truss
members.

Figure 3.5: Collapsed steel truss bridges; Japan 2007
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In addition, a bridge in Japan that had only served 23 years still collapsed in 2009 due to severe
corrosion in the steel plate girders, as shown in Figure 3.6. Therefore, it is essential that the location,
area, and degree of corrosion in a steel bridge should be investigated to evaluate its residual strength
and structural integrity (Kim et al. 2013).

Figure 3.6: Collapsed steel girder bridge, Japan, 2009

3.3
3.3.1

Corrosion classification in bridges
Common forms of corrosion

The corrosion phenomenon of materials is mainly regulated by two factors: the material characteristics
and the environmental variables. The four environmental variables of interest are the air temperature,
salinity, sulfur dioxide concentration, and the time-of-wetness (TOW). Metal corrosion is the
deterioration of a metal resulting from a reaction with the environment that leads to the degradation of
such metal.
There are various forms of metal corrosion, depending on how the corrosion process develops on
the surface (uniform vs. localized corrosion), on the state of stress in the material (stress corrosion,
fatigue corrosion), on the presence of different metals, etc. Figure 3.7 shows a brief classification of
the different types of corrosion.
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Figure 3.7: The main forms of corrosion (Roberdge, 2000; Landolfo et al. 2010)
3.3.2

Uniform corrosion

Uniform corrosion—also known as general corrosion—proceeds at the same rate across the metal
surface. It appears as a homogeneous attack over large surface areas of a material resulting in a general
thinning of the element and is the most prevalent form of corrosion that can be found on steel bridges.
Steel bridges show uniform rust over large surfaces as shown in Figure 3.8.

Figure 3.8: Uniform corrosion (NCHRP 1990)
3.3.3

Crevice corrosion

Crevice corrosion is a localized type of corrosion and one of the most common forms on steel bridges;
it is linked to differences between the environments inside and outside the crevice. Crevices between
steel members can collect water creating an environment that can speed up dramatically the corrosion
process. The presence of chloride ions boosts crevice corrosion. Weathering steel is exceptionally
susceptible to crevice corrosion as that steel type relies on an oxide film for protection. The
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contamination of chloride that occurs in crevices is the main cause for destroying these oxide films.
The use of weathering steel is not recommended in bridges that are either in salt-water areas or in
environments with high amounts of chlorine.
This type of corrosion can be visually observed within gaps such as along the edge openings of
built-up members with multiple-ply plates, between back-to-back angles used for bracing members,
between lacing bars and adjoining components, and between closely spaced eyebars.

Figure 3.9: Crevice corrosion (NCHRP 1990)
3.3.4

Deposit attack

Deposit attack is a type of localized corrosion that usually occurs on bridges at locations of debris
deposits that harbor moisture. The debris often consists of road dirt or trash deposited on the surface,
coal dust in mining areas, grain, other by-products in farm regions, or salts from deicing agents in
northern or high-altitude regions. One of the most common types of deposit is bird excrement, which
contains acids that attack the steel and the protective coatings accelerating the corrosion of steel
members. Figure 3.10 shows a common deposit attack on a steel bridge.

Figure 3.10: Deposit attack (NCHRP 1990)
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Pitting corrosion

A pitting attack occurs where there are chemical or physical changes in a metal such as imperfections
in the metallurgy of steel, at paint protection flaws, or commonly under deposits of foreign material; it
is restricted to a very localized area of the material where corrosion will develop. A pitting attack is
serious as it causes the formation of deep crevices into the steel surface. Pitting can be dangerous since
it can lead to stress concentrations and cause failure by cracking. It is easily observable in areas where
debris harbors moisture on a surface, such as deposits of dirt, trash, or bird excrement as shown in
Figure 3.11.

Figure 3.11: Pitting (NCHRP 1990)
3.3.6

Stress corrosion cracking

Stress corrosion cracking is a fracture mechanism induced by the interaction of mechanical stresses
and corrosive environment. Areas of higher stress, usually at grain boundaries, when in the presence
of a corrosive environment, corrode at a faster rate than areas of lower stress and thus induces the
interaction of cracking.
The growth of crack formation usually occurs in a corrosive environment that leads to the sudden
failure of normally ductile metals subjected to tensile stress. Corrosion causes the initiation of
discontinuities in the metal, which acts as a stress raiser and leads to cracks. The adjacent metal
surface generally reveals no damage; Stress corrosion cracking must be identified through microscopic
inspection (see Figure 3.12).
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Figure 3.12: Stress corrosion (NCHRP 1990)

3.4

Corrosion forms and locations

Multiple forms of corrosion condition may occur in steel bridges. Usually, more than one will form
together at a specific location on a structure. The following sections illustrate typical locations and
forms of corrosive attack on a bridge.
3.4.1

Locations of corrosion on stringer spans

Figure 3.13 illustrates potential locations of corrosion attack on stringer spans. Section A-A indicates
how localized corrosion can completely penetrate a steel component; Section B-B illustrates the
location of crevice corrosion between the deck and stringer; Section C-C shows how uniform
corrosion can cause the loss of web thickness in stringers.
Crevice corrosion will most likely occur between the concrete deck slab and the stringers. It occurs
at cracks in the deck, which allows water to flow through the deck to the stringer. Deposit attacks
occur at the flange to web joints or stiffener to flange connections due to the deposition of debris or
bird excrement. Uniform corrosion may occur on stringers in areas exposed to water spray.
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Figure 3.13: Locations of possible corrosion attack on stringer spans (NCHRP 1990)

3.4.2

Locations of corrosion on through-girder spans

Figure 3.14 shows the locations of potential corrosion attacks on through-girder spans. Crevice
corrosion may occur between mating metal surfaces; Section A-A indicates crevice corrosion between
the stiffener angles and girder web and between the concrete barrier and steel girder stiffener angles.
Detail B shows crevice corrosion between the girder bottom flange and a connection angle. In Section
A-A, pitting may form where water from the roadway splashes the steel during storms; it most likely
occurs where water collects. In Detail B, a deposit attack will likely occur in joints where debris might
collect or birds roost.

Figure 3.14: Potential corrosion attack on through-girder spans (NCHRP 1990)
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Locations of corrosion on through trusses

Figure 3.15 shows the locations of potential corrosion attacks on through trusses. Pitting may occur on
exposed members where surface protection has been abraded by debris such as sand or salt that is
stirred up by traffic. A deposit attack as shown in Section A-A and Detail B may occur where debris
accumulates, while crevice corrosion is possible between the mating surfaces of built-up members.

Figure 3.15: Potential corrosion attack on through trusses (NCHRP 1990)
3.4.4

Locations of corrosion on truss connections and truss floor beams

Figure 3.16 (a) shows the potential locations of corrosion attack on truss connections. Crevice
corrosion occurred in Sections A-A, B-B, and D-D; it occurs both between members and the gusset
plate and at the mating surfaces of components of built-up members. Section C-C shows damage from
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a deposit attack. Corrosion has eaten right through the gusset plate at Section C-C; this is common in
cases of severe deposit attack. Truss connections are prone to deposit attack because of their
complexity.
Figure 3.16 (b) shows the locations of potential corrosion attacks on truss floor beams. Pitting may
occur on surfaces exposed to water accumulation such as the floor beam bottom flange and the floor
beam top flange adjacent to the roadway, while uniform corrosion might occur on the floor beam webs;
while this surface is exposed to moisture, it does not collect water. Deposit attacks may occur at
connections prone to debris accumulation or bird roosting and crevice corrosion may occur between
mating surfaces.

Figure 3.16: (a) Potential locations of corrosion attacks on truss connections (b) Locations of potential
corrosion attacks on truss floor beams (NCHRP 1990)
3.4.5

Types of corrosion on stringer-floor beam connections

Figure 3.17 illustrates potential types of corrosion attack on stringer-floor beam connections. Crevice
corrosion, pitting, and deposit attacks are identifiable at these locations. Crevice corrosion may occur
at mating surfaces between connecting members and pitting is observable at each of these details.
Deposit attack locations are as indicated on fixed connection C and expansion connection B; this form
of corrosion occurs at locations that are prone to debris accumulation or bird roosting. Usually, the
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more complex the detail, the more likely it is to suffer corrosion attack. Complex details gather more
debris and have more locations where water can collect. Stringer-floor beam connections as shown in
expansion connections B and C are more complicated and warrant extra attention during corrosion
inspections.

Figure 3.17: Potential types of corrosion attack on stringer-floor beam connections

3.5
3.5.1

Corrosion rates, corrosivity classification, and corrosion modeling
Corrosion rates in North America

The United States has a broad variety of climates and covers various exposure zones that differ
considerably with regard to temperature, humidity, solar radiation, air pollution, and airborne salts.
Corrosion engineers have categorized four classes for the general macro-environment surrounding of a
structure as follows:
1. Rural (Mild): Environments with low pollution in the form of sulfur dioxide, low humidity and
rainfall, absent chemical fumes, usually located inland. They have little-to-no exposure to natural
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airborne or applied deicing salts.
2. Urban (Moderate): densely populated areas, few industrial activities, and medium corrosive agent
contamination such as sulfur dioxides.
3. Industrial (High): An environment in which a bridge is exposed to occasional airborne salts or
deicing salt runoff.
4. Marine (Severe): High salt content from proximity to the seacoast or from deicing salt, high
humidity and moisture.
Bridges in the immediate proximity of the coast are considered to be in a severe environment;
most studies also classify areas within a few miles of the coast as “marine” environments. These
general classifications are of some limited use for bridge designers as a basic reference when
determining the appropriate level of corrosion protection a bridge requires. However, many bridges
will not fall directly into any of the above categories. Some bridges might be located in intermediate
climates with moderate pollution and moderate humidity, while others may suffer from high humidity,
high sulfur dioxide, and salt. There is usually large variation in the environment even within a very
small geographic area. Salt and moisture levels may differ considerably from one end of a bridge
structure to the other.
Table 3.1 shows section loss data developed in a comprehensive study conducted in 1961–1964 by
the American Society for Testing and Materials (ASTM). This study was worldwide, but this paper
only presented the North American results. For each location, 4 x 6-inch panels of carbon steel and
zinc, normally used as a protective agent, were each exposed to atmospheric conditions for one and
two years, and the mass loss was converted to a uniform value expressed as mils per year per side.
The table shows the general increase in corrosion rates when moving from rural to marine
exposure sites, with a rapid increase in the rate as the environment’s salt and moisture content increase
in marine environments (Coburn et al. 1968).
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Table 3.1: Corrosion rates for carbon steel and zinc throughout North America

Figure 3.18 illustrates this data by plotting the average section loss per material for each exposure
condition using only the two-year exposure data.

Figure 3.18: North America corrosion rates for carbon steel and zinc
Since this study was performed in the early 1960s in the US at the height of industrialization,
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pollution was near its peak, and the corrosion rates would likely be conservative in today’s
environment. However, in other locations, although the gross corrosion rate did decline inland, the
corrosivity remained relatively high several miles from the coast. Furthermore, storms can carry
airborne salts miles inland. These data and the experiences from past bridge performance lead us to the
conclusion that the corrosivity of a specific location is highly site-specific, depending on proximity to
the ocean, wind patterns, storm frequency, and height above the water.
3.5.2

European Standard EN 12500 classification

The methodology for the quantitative evaluation of the corrosivity of specific environments was
carried out in “The European Standard EN 12500/2000” on the basis of the values of the classification,
determination, and estimation of the corrosiveness of atmospheric environments by assessing the
standard for the mass loss of specimens after 1-year field test exposure for four materials (i.e. carbon
steel, copper, zinc, and aluminum). The corrosivity classification is listed in Table 3.2.
Table 3.2: Mass loss (g/m2) for 1-year field test exposure in the five corrosivity classes C1–C5,
ordered from the least to the most corrosive (EN 12500/2000)

In addition, for cases where field test data are not available, a classification of the degree of
corrosiveness (from very low to very high) of the typical outdoor atmosphere in specific environments
(such as dry and cold zones, rural areas, small towns, urban areas, coastal areas, and industrial zones)
has also been proposed by the European Committee for Standardization (CEN), as shown as Table 3.3.
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Table 3.3: An extract of EN 12500/2000 from the corrosivity qualitative classification

3.5.3

Standard ISO 9223 classification

The widely used specification, the ISO 9223 standard for the classification of the corrosivity of the
atmosphere, defines five corrosivity categories from C1 (mild) to C5 (severe) with an additional
category, C5M (severe marine) for maritime exposure zones. Each class is defined by the guiding
values of three key factors: time-of-wetness, sulfur dioxide concentration, and chloride deposition rate.
Table 3.4 lists the anticipated corrosion rate range for each category. The ISO 9223 specification has
gained popularity for offshore and utility structures, and a growing number of coating suppliers and
researchers refer to this classification to produce performance data and recommending materials.
Table 3.4: Carbon steel corrosion rates for various environments according to ISO 9223

71

Chapter 3.

3.6

Corrosion of Steel Bridges

Modeling of corrosion

Various corrosion models of steel material were reviewed in this section. It is generally recognized that
a corrosion prediction model for structural engineering applications should provide information
concerning the thickness loss by a metal over time as a function of the mechanisms of the phenomena
and the influencing parameters (i.e. the specific material under an exposure atmosphere). The model
should also account for the statistical variation of variables (Cascini 2014).
3.6.1

Corrosion depth model

As for prediction models, only models for uniform corrosion, namely, general corrosion that proceeds
at the same rate on the surface of the material, will be considered.
Literature reviews (Kayser and Nowak 1989a; Landolfo et al. 2010; Cascini et al. 2014) mention
that models for uniform corrosion provide the corrosion rate as the mass loss per unit area per unit
time, or the rate of penetration expressed in terms of the thickness loss. Corrosion models can be
described as the corrosion depth as a function of time in the following exponential function:
𝐷(𝑡) = A𝑡 𝐵

(3.1)

where 𝐷(𝑡) is the corrosion penetration or thickness loss (μm); t is the exposure time (years); A is the
corrosion rate in the first year of exposure; and B is the empirical coefficients determined from the
regression analysis of field-measured data. After the formation of corrosion products on the metal
surface, the initial corrosion rate usually decreases in the long term. If B is smaller than 0.5, the
corrosion products show protective, passivating characteristics.
Different simplified models have been developed with the aim of considering the environmental
variables that may influence the corrosion rate. The constant coefficients A and B of such models that
predict the corrosion loss as a function of time only were based on collected data from a field test
(Albrecht and Naeemi 1984). Therefore, the estimation of the corrosion rate is often inaccurate if the
model is used for different environments from the one used to calibrate the initial model.
3.6.2

Standard ISO 9224 classification

An early development of general models has been provided by International Standard Corrosion of
Metals and Alloys − Corrosivity of atmospheres, ISO 9224 standard which defines guiding values of
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short- and long-term of corrosion rates for metals exposed to the atmosphere. This standard proposes
an average corrosion rate 𝑟𝑎𝑣 during the first 10 years of exposure and a long-term corrosion rate 𝑟𝑙𝑖𝑛
after 10 years of exposure.
IOS 9224 can be used to estimate the service life of a material. As in other specifications, this
standard classifies five corrosivity categories progressing from the least to the most severe corrosive
conditions, namely, C1, C2, C3, C4, and C5. Categories C1, C2, and C3 are classified as very low,
low, and medium corrosivity; C4 and C5 are high and very high corrosivity. Figure 3.19 provides a
representation of the corrosivity band (C1 to C5) for carbon and weathering steel.

Figure 3.19: Corrosion depth as a function of time for corrosivity classes: (a) Carbon steel and (b)
weathering steel for different corrosion classes
According to the IOS 9224 specification, the upper and lower bounds on thickness loss for any
corrosivity category are given by
𝐷(𝑡) = 𝑟𝑎𝑣 ∙ 𝑡

(3.2a)

for the first 10 years of exposure (dotted lines in Figures 3.20 and 3.21) and
𝐷(𝑡) = 10 ∙ 𝑟𝑎𝑣 + (𝑡 − 10)𝑟𝑙𝑖𝑛

(3.2b)

for exposure beyond 10 years (solid lines in Figures 3.20 and 3.21), where 𝐷= thickness loss, mm; t =
time (years); 𝑟𝑎𝑣 = average corrosion rate (mm/year); and 𝑟𝑙𝑖𝑛 = steady-state corrosion rate (mm/year).
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Figure 3.20: Medium corrosivity band for weathering steel

Figure 3.21: Medium corrosivity band for carbon steel
In similar research conducted by Albrecht et al. (1989), before the ISO 9224 standard was issued,
the thickness loss for weathering steel in a variety of bridges in the contiguous United States had an
upper bound of the form
C = 0.05 + (𝑡 − 1)0.0075

(3.3)

The dashed line in Figure 3.20 indicates the corrosion rate for exposure beyond the first year with the
74

Chapter 3.

Corrosion of Steel Bridges

conclusion: ‘‘weathering steel corroding at a rate higher than 0.0075 mm/year cannot be expected to
develop a normal, protective rust coating. When such corrosion rates are anticipated, weathering steel
should not be used in bare condition.’’ Research by Albrecht et al. (2003) proposed an average
allowance for corrosion losses of 0.0075 mm/year over a 100-year service life. An average 0.0075
mm/year corrosion rate for the high corrosivity category C4 is consistent with the upper bound rate to
satisfy the performance of IOS 9224.
3.6.3

Modified ISO 9224 classification

The ISO 9224 standard mentions that ‘‘the corrosion rate of carbon steel is not constant during the
first 10 years.’’ nor is that of weathering steel. To improve this inaccuracy, Albrecht et al. (2003)
modified the thickness loss formula.
For the first year of exposure,
𝐷𝑚 = 1 ∙ 𝑟𝑎𝑣

(3.4a)

and for exposure beyond the first year shown as solid lines in Figures 3.20 and 3.21,
𝐷𝑚 = 1 ∙ 𝑟𝑎𝑣 + (𝑡 − 1)𝑟𝑙𝑖𝑛

(3.4b)

In Figures 3.20 and 3.21, the shaded area between the lower and upper bounds indicates the medium
corrosivity category C3 bands for weathering and carbon steel. Tables 3.5 and 3.6 provide the
corrosion rates and thickness losses at 1, 10, and 20 years of exposure according to ISO 9224 and the
modiﬁed ISO 9224.
Table 3.5: Corrosion rates for medium corrosivity category C3
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Table 3.6: Thickness loss for medium corrosivity category C3

3.7

Application of corrosion rates and corrosivity categories

According to the guiding values of thickness loss for the corrosivity classifications of atmospheres in
ISO 9224 mentioned in previous sections, we now consider the corrosion rate of carbon steel at a
medium corrosivity rate (C3). The thickness loss for the first 10 years of exposure (μm) is
𝐷(𝑡) = 12 ∙ 𝑡

t < 10 year

(3.5a)

For thickness loss for carbon steel elements exposed beyond 10 years (μm), the equation is
𝐷(𝑡) = 120 + 6 ∙ (𝑡 − 10)

t ≥ 10 years

(3.5b)

By following the same procedure, the corrosion rate of carbon steel at a high corrosivity (C4), the
thickness loss for the first 10 years of exposure is
𝐷(𝑡) = 30 ∙ 𝑡

t < 10 year

(3.6a)

The thickness loss expression for more than 10 years of exposure is presented as
𝐷(𝑡) = 300 + 20 ∙ (𝑡 − 10)

t ≥ 10 years

(3.6b)

Furthermore, for the very high corrosivity (C5) case, the thickness loss function for the first 10 years
can be shown as
𝐷(𝑡) = 400 ∙ 𝑡

t < 10 year
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The corrosion rate function for the C5 case beyond 10 years of exposure is
𝐷(𝑡) = 4000 + 90 ∙ (𝑡 − 10)

t ≥ 10 years

(3.7b)

The loss of material due to uniform corrosion results in the reduction of the section properties of a
member, such as the cross-sectional area, section modulus, moment of inertia, and radius of gyration,
thus causing a reduction of the capacity of the member. As a consequence, the stiffness of members is
also reduced due to loss of material, and this may cause significant deflection. At severe degrees of
corrosion, the capacity of a steel member could drop below the service loads.
The corrosion depth 𝐷𝑐 or thickness loss of a member for a specific x percent corrosion rate is
formed as follows:
𝐷𝑐 = 𝑟100% − 𝑟(100−𝑥)%

(3.8)

where 𝑟100% is the radius of an equivalent circular cross-section member that has the same
cross-sectional area of the intact member; 𝑟(100−𝑥)% is the radius of the same circular member
corresponding to the remaining cross-sectional area under x percentage of the area thickness loss,
which can be denoted as
𝑟100% = √

𝑟(100−𝑥)% = √

𝐴𝑟𝑒𝑎100%
𝜋

𝐴𝑟𝑒𝑎100%
𝜋

× (100 − 𝑥)%

(3.9a)

(3.9b)

where 𝑥 is the sectional-thickness corroded percentage and 𝐴𝑟𝑒𝑎100% indicates the cross-section
area of the uncorroded member.
For the case of the pedestrian bridge shown in Chapter 2, we concluded that the failure mechanism
for the pin-connected pedestrian bridge (Model 1) was due to global buckling of the top chord system
under compression. Therefore, the critical members were the steel bars used in the top chord of the
truss. These elements are made of carbon steel material (ASTM 500 Grade B). The top chord member
labeled HSS 6×3×5/16 had an equivalent cross-sectional area equal to 0.003377 (m2), and this
corresponded to an equivalent round shape section of radius 𝑟100%, according to Equation 3.9, of
0.03278 m (32780 μm).
Now we want to calculate the corrosion conditions versus the exposure time of the bridge
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members.
According to the selected corrosion specifications or standards under a specific corrosivity
environment, along with the proper formula to estimate the corrosion depth, predictions of the
corrosion depth and of the time to reach it were conducted for the selected member of the top chord of
the truss. For example, for the category of most interest, the corrosivity C3 case (medium corrosivity),
the prediction of the corrosion depth of a top chord member with 5% thickness reduction was 830.2
(μm). This number was then plugged into the left side of the corrosion rate function in Equation 3.5
and we predicted that the time (years) for this corresponding corrosion depth was 128.4 years. Table
3.7 presents the number of years necessary to reach a certain corrosion depth in different corrosivity
conditions for the element of the top chord of the pedestrian bridge.
Table 3.7: Corrosion rate and corresponding time with different corrosivity categories
Corrosion depth percentage
5%

10%

20%

C3

128.4 270.4 566.8

C4

36.5

79.1

C5

2.1

4.0

30%

50%

55%

60%

70%

80%

90%

95%

-

-

-

-

-

-

-

-

-

-

-

-

-

-

-

72.3

85.5

99.4

130.3

167

118.9 262.7
8.7

25

214.6 248.4
(Unit: years)

From Table 3.7 we see that, for a top chord member exposed to a medium corrosivity C3
environment, the exposure time for such a member to reduce its thickness by even 5% (i.e. slight
member thickness loss) is almost 130 years. This period is much longer than the expected life service
of the traditional design service life of steel bridges (75–100 years). However, when the same
component is exposed to an environment with a higher corrosivity class (i.e. categories C4 or C5), the
exposure time for a top chord labeled HSS 6×3×5/16 with 5 percent thickness loss may drop
significantly from 128.4 years under medium corrosivity (C3) to 36.5 years when exposed to high
corrosivity (C4) and 2.1 years when exposed to very high corrosivity (C5) (see Table 3.7). This
demonstrates the severity of environmental effects; namely, outdoor atmosphere plays an essential role
in the degree of deterioration for carbon steel.
According to Table 3.7, the anticipated exposure time for the severe corrosivity category C5 for
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the carbon steel top chord component takes close to 100 years to reduce 60% of its member thickness,
which is considered a severe damage condition for such a member.
However, in reality, bridge failure may be caused by a combination of factors, such as corrosion
deterioration, increased service loads, and a lack of proper maintenance. This interaction between
different causes could further reduce the service life of a bridge. For example, the bridge failure case
mentioned previously showed that extensive corrosion was found in a steel plate girder bridge in Japan,
where the complete penetration of the steel girder due to corrosion took only a short period (23 years)
to occur after the bridge was put into service (Kim at el. 2013), indicating that this bridge had only
served a service life of less than half of the design service lifetimes of 75–100 years.

3.8

Conclusions

Corrosion is one of the major causes of deterioration in steel bridges. Proper formula to estimate the
corrosion depth of the critical member and the corresponding time to reach it were investigated for the
target pedestrian bridge. The following conclusions can be drawn based on the analyzed results and
related discussions:
1. The common forms of corrosion were briefly described. From the analysis of real case studies, it
appears that their occurrence in steel bridges was observed between the concrete deck slab and the
stringers, at the stringer-floor beam connections and the truss connections.
2. The majority of corrosion models are calibrated based on the data from field experimental
measurement. Hence, they are strongly influenced by the location, condition and duration of
exposure. From here, the need to calibrate such models is on the basis of geographical information.
3. Various corrosion models of steel material in the literature were proposed with the aim of
providing the thickness loss for different classes of environment corrosivity. Thickness loss of
structural steel could vary considerably when it is exposed to different environments.
4. Corrosion models were properly selected for the critical element of the top chord in the target
pedestrian bridge (determined in Chapter 2) to predict its member thickness loss.
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Chapter 4

Finite Element Analysis of Corroded
Pedestrian Bridges
4.1

Introduction

The structural integrity of steel bridges is generally influenced by the corrosion effect, and
numerous investigations on the structural performance of deteriorated structures have been performed
lately (Dunbar et al. 2004; Sharifi and Rahgozar 2010; Liu et al. 2011). However, regardless of its
importance, a method for evaluating the collapse mechanism of a corroded steel bridge is still lacking.
Researchers have conducted field investigations indicating that in moist environments, almost
complete corrosion of steel components was detected in some localized areas while the remaining
portion of the component remained unaffected (Shi et al. 2014). The configuration of common
corrosion patterns of a web at the support is shown in Figure 4.1 (Ahn et al. 2013), and similar
corrosion patterns were observed in corroded steel bridges, as seen in Figure 4.2 (Ahn et al. 2013; Kim
et al. 2013).

(a) Corrosion pattern of a web
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(b) Corroded girder web
Figure 4.1: Corrosion pattern of corrosion of plate girder web at support (Ahn et al. 2013)

Figure 4.2: Severe corrosion patterns on steel bridges

4.2

Nonlinear finite element analysis

The objective of this study is to present an approach to investigate and identify the collapse and
failure mechanisms of pedestrian bridges affected by structural degradation due to corrosion effects.
The corrosion types may be categorized into general and localized corrosion, depending on whether
corrosion occurs uniformly over a large area or if instead, it develops over a confined small area. The
structural integrity of steel bridges with general corrosion can be determined by dealing with
uniformly corroded sections. Nevertheless, in reality, since the corrosion shape and form are usually
not uniform, there is difficulty in identifying and evaluating the location and degree of corrosion (Kim
et al. 2013).
In bridges, a combination of corrosion damage is usually detected around bearings or supports (i.e.
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local corrosion), such as the web edge of floor beams, and it is linked to multiple factors such as poor air
circulation (causing high humidity), sediment and depositions, dust or dirt buildup, and the wetness
from water leakage (Kayser and Nowak 1989; Ahn et al. 2013).
In this thesis, a comprehensive study was performed to investigate multiple factors influencing the
load-carrying capacity of the deteriorated bridges due to the localized corrosion of steel components.
The parameters considered include: (1) the location of the corroded region along the floor system and
top chord, (2) the rate of corrosion, and (3) the extent of the corroded region. Corrosion was simulated
by reducing the thickness of the cross-section along a small segment of a structural member, so to
simulate the effect of localized corrosion.
The structural failure behaviors and collapse mechanism of bridges accounting for local corrosion
on various deteriorated member geometries were investigated, and were categorized into various
corrosion cases. Each analysis was implemented by altering multiple parameters while maintaining
other parameters constant. The assessment and investigation of the corresponding load-carrying
capacity of localized deterioration scenarios of steel bridges in a corrosive environment are numerically
examined in the following sections.
4.2.1
4.2.1.1

Structural modeling of deteriorated pedestrian bridge
Description of the shell element

To simulate the damaged condition of corroded members accurately, the beam’s flanges and web
used in the FE model of the bridge were modeled with shell elements. Conventional shell elements
cover elements used for stress and displacement analyses in 3D shell and axisymmetric geometries (see
Figure 4.3). Reduced-integration shell elements use lower-order integration to form the element
stiffness while the mass matrix and the distributed loadings were still integrated exactly. Reduced
integration usually provides accurate results as far as the elements are not distorted or loaded in in-plane
bending. Moreover, especially in three-dimensional analysis, it considerably reduces time for
calculation. Shell elements are commonly identified based on the number of element nodes and on the
integration type used. Therefore, shell element S8 indicates a stress-displacement shell element that has
eight nodes with full integration, while shell element S8R refers to a stress-displacement shell element
with eight nodes with reduced integration. Conventional shell elements can also be categorized as
finite-strain and small-strain shell elements. Shell elements S4 and S4R account for finite membrane
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strains and arbitrary large rotations; thus, they are suitable for large-strain analysis. On the other hand,
small-strain shell elements, such as S8 and S8R shell elements, are not used for arbitrary large rotations,
but small strains. The thickness change with deformation is neglected in these elements (Ellobody
2014).

Figure 4.3: Configuration of shell elements
The above shell elements are all suitable for nonlinear applications and able to simulate out-of-plane
behavior, while S4 and S4R elements support large deformation analysis, large strain capability, and
material plasticity. Five through-thickness integration points capture the material plasticity response.
The corroded sections in this study, modeled using the four-node reduced-integrated shell element (S4R),
included six degrees of freedom (i.e. three translational and three rotational) per node, as recommended
by Seif and Schafer (2010) and Shi et al. (2014).
4.2.1.2

Finite element modeling

The finite element structural modeling of pedestrian bridges followed the AASHTO Bridge Design
Specifications (AASHTO 2009), and the material properties are those of the constitutive model
described in Chapter 2 (ASTM 500 Grade B steel with a yield strength of 315 MPa and ultimate strength
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of 400 MPa). The stress/strain model used for the steel included a bilinear strain-hardening plateau, with
fracture assumed to occur at a strain of 23% (Hunley and Harik 2012). Nonlinear material properties
were assigned to all the members, and geometric nonlinearities were considered.
To evaluate the bridge collapse mechanism effect due to the corroded web panels of the floor system,
changes in web thickness were assumed on specific spans of the floor system. The floor beams and
stringers shared the same cross-section type, W8×10, as mentioned previously. The target bridge
models that accounts for deterioration at different locations on the floor system were modeled using
Abaqus software, as shown in Figure 4.4, indicating models with multiple uniform corroded floor
spans, and in Figure 4.8, considering models with severe localized corrosion conditions. The
deteriorated sections of the floor system were modeled with the four-node reduction shell element
(S4R), which is suitable for large-strain analysis. The non-deteriorated longitudinal steel stringers and
lateral floor beams were modeled using a three-node beam element (B32OS) while the end posts and
verticals were modeled using a three-node beam element (B32). The top, bottom chords, and diagonals
were instead modeled using a truss element (T3D2).
For the boundary conditions, the bridge was supported by hinges at one end, which allowed rotation
in the transverse direction, but no transverse movements, while the other end was modelled as rollers.
4.2.1.3

Uniform corrosion on floor system

Four pedestrian bridge models accounting for corrosion effects, with different levels of deterioration on
the floor beams and stringers of the floor system were studied. According to the observed real corrosion
cases, general steel bridge corrosion damage was usually detected at the lower section of the web panel
of the floor system.
Accordingly, the first two bridge models, which indicate the symmetrically corroded floor system
on two spans and on the entire length of the bridge, are illustrated in Figure 4.4. To simulate the
corrosion effects, thickness is uniformly reduced throughout the entire corroded portion of the beam.
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(a) Corroded floor system on 2 spans

(b) Corroded floor system on 12 spans
Figure 4.4: Pedestrian bridge models considering deteriorated floor system
The cross sections of the corroded floor system were modeled as the red-colored section on the
floor system illustrated in Figure 4.5, in which the height and width of the web and flange remained
constant, but with variable web thickness and different heights of the corroded portion.
As shown in Figure 4.6, two different heights of the corroded part of the web were considered
(12.5% and 25%) while corroded web thickness ratios considered in this study were 50%, 66.7%, and
83.3%.

Figure 4.5: Configuration of the floor system with localized corroded web panel
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Figure 4.6: The floor system with corroded height ratios of 12.5% and 25%
4.2.1.4

Localized severe corrosion

Other than the uniform corrosion scenario mentioned earlier, another web damage type (i.e. a severe
localized corrosion scenario) was also considered, assuming complete corrosion in a localized domain
on the component (complete section removal) while, the remaining sections remain with variable
corrosion degrees. The influence of the extent of corrosion, defined as the thickness loss of the
corroded region, was studied, and the web panel corrosion configurations of this damage type are
illustrated in Figure 4.7.
The web-corroded height ratio remained 25% from the lower flange. Instead, it had a complete
area reduction of 37.5 cm in width times 25% in web height at both edges, and the remaining web
section in the middle part of the web component showed the loss of thickness characteristic with
corrosion ratios of 0%, 50%, 66.7%, and 83.3%.

Corrosion in the middle part
Figure 4.7: Web panel with severe local corrosion at two ends (edges)
The geometries of the other two types of bridge models modeled with the above localization
through the corroded web panel illustrated in Figure 4.7 are shown in Figure 4.8. The difference
between the two corroded-span scenarios was the location of the corroded beam either at two ends or
in the middle point of the bridge model in the longitudinal direction.
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(a) Corrosion on two beams at two ends

(b) Corrosion on one beam in middle span
Figure 4.8: Configuration of bridge model with localized corrosion
The deteriorated floor beams were modeled with the four-node reduction shell element (S4R), and
the element mesh size was 5 cm by 5cm, which is recommended by Seif and Schafer (2010) and Shi et
al. (2014).

Figure 4.9: Finite element mesh size of shell elements
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Finite element analysis results

A series of nonlinear static progressive collapse analyses were conducted for the half-through-truss
pedestrian bridge models accounting for the various localized corrosion effects on the floor beams.
4.3.1

Uniform localized corrosion on symmetric two-floor spans

A comprehensive study of the finite element analyses results of the bridge collapse mechanism is
conducted and discussed in this section. The load application followed the procedure described in
Chapter 2. First the dead load was applied, and then the live load was applied incrementally until the
analysis reached the capacity of the bridges. Figures 4.10 and 4.11 illustrate the final deformation shape
of the bridge model with localized corrosion on the two-span web panel at the two ends of the floor
system for the three values of web thickness reduction (50%, 66.7%, and 83.3%) and for two different
heights (12.5% or 25%) of the corroded area.
At load step DL+1.34  LL, the von Mises response contours in Figure 4.10, and the results of the
pin-connected bridge models (Model 1) with a symmetric two-span localized corroded floor system
showed familiar deformed shapes. The highest stress occurred in the middle spans of the floor system,
reaching a maximum value of about 105 MPa (approximately 33% of its yield strength (315 MPa)),
indicating that the bridge is still in the elastic range. The bridge reached its maximum capacity when
the live load factor ψ reached 1.34, where large lateral deformation were observed in the top chords
This value was relatively similar to that of the intact pin-connected bridge. At this point, the bridge
could no longer endure additional loading, which led to the instability mechanism (global buckling) of
the top chord system and caused the pedestrian bridge to collapse.
Similar conclusions can be drawn for the second bridge model (with higher corroded section) that
shows the same collapse mechanisms, as shown in Figure 4.11.
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DL + 1.344 × LL

(a) Corrosion on two symmetric spans (50% thickness reduction)

DL + 1.343 × LL

(b) Corrosion on two symmetric spans (66.7% thickness reduction)

DL + 1.342 × LL

(c) Corrosion on two symmetric spans (83.3% thickness reduction)
Figure 4.10: Bridge Model 1 with 12.5% corrosion height on two symmetric spans
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DL + 1.34 × LL

(a) Corrosion on two symmetric spans (50% thickness reduction)

DL + 1.34 × LL

(b) Corrosion on two symmetric spans (66.7% thickness reduction)

DL + 1.34 × LL

(c) Corrosion on two symmetric spans (83.3% thickness reduction)
Figure 4.11: Bridge Model 1 with 25% corrosion height on floor system
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The results of the above analyses indicate that, regardless of how severe the deteriorated
conditions were for the localized corroded region of the floor system for the pin-connected pedestrian
bridge, nearly no effect was shown regarding the bridge collapse mechanism.
4.3.2

Uniform localized corrosion on twelve spans

Similarly, analyses were conducted considering a uniform distribution of localized corrosion on a
twelve-span web panel of the floor system considering the same deterioration levels. The final bridge
deformations and the von Mises response contours are shown in Figures 4.12 and 4.13.
For the case of 50% uniform corrosion and 12.5% corrosion height in the floor system, the highest
stress occurred in the middle spans of floor system, at the lower flange location where localized
corrosion took place. At load step DL+1.34  LL, the maximum stress in the model was 200 MPa
(approximately 63% of its yield strength (315 MPa)) which indicates that the bridge is still elastic. The
bridge reached its maximum capacity when the load factor ψ reached 1.34, when large lateral
deformation were observed in the top chords, and it could no longer endure additional loading This
resulted in an instability mechanism (global buckling) of the top chord system and caused the
pedestrian bridge to collapse.
Almost identical results were obtained for the other two cases (66.7% and 83.3% with a 12.5%
corroded height) as shown in Figure 4.12. The collapse mechanism still appears to be the instability of
the upper chord. The only difference with the previous cases is represented by a slight decrease of the
failure load ( ψ =1.33 for 66.7% case and ψ =1.32 for 83.3% case).

(a) 50% thickness reduction
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(b) 66.7% thickness reduction

(c) 83.3% thickness reduction

Figure 4.12: Bridge Model 1 with 12.5% corrosion height in floor system

(a) 50% thickness reduction
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(b) 66.7% thickness reduction

(c) 83.3% thickness reduction

Figure 4.13: Bridge Model 1 with 25% corrosion height in floor system
Comparing the results for the case of floor beams with corroded height percentage of 12.5%
(Figure 4.12) with those with a percentage of 25% (Figure 4.13), it was found that there was a slight
reduction
(approximately 3%) for the bridge load-carrying capacities, indicating that the capacity of the bridge
for this corroded case was not sensitive to the degree of web panel corrosion.
In these cases, the bridge collapse mechanism was due to the global buckling failure mode of the
truss system, which was an instability problem. In Figure 4.14, the load factor multiplying the live
load is presented as a function of the web thickness corrosion ratio for the four different cases.
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Figure 4.14: Influence of corrosion effects on the load factor
It is clear, from Figure 4.14, that the effect of corrosion on the two end spans was less significant
than the influence of corrosion on all twelve spans when the corroded web thickness reduction
increased to 66.7 and 83.3%. For the cases with web thickness ratio of 50%, the load factors basically
remained approximately at 1.34, indicating that this degree of web reduction (50%) did not affect the
structural integrity of the corroded bridge models, regardless of the number of corroded beams in the
floor system.
4.3.3

Localized complete corrosion

Finite element simulations were carried out to investigate the change in bridge collapse mechanisms
considering severe localized deterioration scenarios, where a localized complete or total penetration
corrosive effect (through corrosion of the web) occurred in the floor system.
4.3.3.1

Complete corrosion in middle-span floor beam

For this severely damaged bridge model, a variety of corrosion scenarios in web panels was discussed.
The web-corroded height ratio was 25% from the lower flange. It had a complete area reduction of
37.5 cm in width times 25% of the web height at both edges, while the remaining web portions in the
middle section of the web panel displayed a thickness reduction of 0%, 50%, 66.7%, and 83.3% for a
25% of the web height.
For the case of complete corrosion of the web (37.5 cm) at both edges and no corrosion occurring
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in remaining floor system, the von Mises stress plot in Figure 4.15 indicates that the highest stress
occurred at the web edge where localized complete corrosion took place and its maximum value was
209 MPa, or approximately two thirds of its yield strength (315 MPa). This result implies that the
bridge was still in the elastic stage. The bridge reached its maximum capacity when load factor ψ
reached 1.31, and it could no longer sustain further loading, which led to the instability failure
mechanism (global buckling) of the top chord system and caused the pedestrian bridge to collapse.

Figure 4.15: Bridge Model 1 with corroded floor beam (0%)
Identical conclusions can be drawn for the cases where uniform thickness loss in the remaining
web panels was 50% (Figure 4.16), 66.7% (Figure 4.17) and 83.3% (Figure 4.18). In all these cases,
the bridge model reached its loading capacity for a load multiplier ψ of 1.31 (50% and 66.7%) and
1.30 (83.3%), with a maximum stress well below yielding. The collapse mechanisms could still be
associated with the instability failure mechanism of the top chord system.

Figure 4.16: Bridge Model 1 with corroded floor beam (50%)
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Figure 4.17: Bridge Model 1 with corroded floor beam (66.7%)

Figure 4.18: Bridge Model 1 with corroded floor beam (83.3%)
4.3.3.2

Complete corrosion in floor beams at boundary

Similar analyses have been conducted for the case of corroded floor beams placed at the two ends of
the bridge. In all these analyses, the largest von Mises stress reached the value of 260 MPa (< 315
MPa) and was observed at the third floor beam, close to the second vertical (Figure 4.19). The bridge
still presented a linear behavior and reached its maximum capacity when load factor ψ = 1.34. The
collapse mechanism is still associated with the instability failure mechanism (global buckling) of the
top chord system, where large lateral deformation occurred and led to the bridge collapse.
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DL + 1.34 × LL
(a) w/ 0% thickness loss

DL + 1.34 × LL
(b) w/ 50% thickness loss

DL + 1.34 × LL
(c) w/ 66.7% thickness loss
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DL + 1.34 × LL
(d) w/ 83.3% thickness loss

Figure 4.19: Bridge models with complete corroded web panel at two ends (25% corrosion height)
4.3.3.3

Result comparisons

Looking at the results of these analyses, it appears that there is no much difference between the models
with the corroded beam in the middle and those with the corroded beams at the end. There is a slight
decrease of the load multiplier ψ between these two cases ( ψ = 1.34 for the corroded end floor beams
vs. 1.30–1.31 for the central corroded beam) but, within each case, this value stays almost constant (see
Figure 4.20). In these cases, at the last load step, the bridge collapsed due to the out-of-plane failure
mode of the top chord of the truss system, a similar collapse mechanism as for the intact
pin-connected bridge.

Figure 4.20: Influence of web corrosion ratio on load factor
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Finite element analysis of localized corroded top chord

The load-carrying capacity of structural components when subjected to compressive loadings is usually
under the influence of unavoidable initial geometric imperfections. Corrosion, by locally reducing the
cross-section, strongly contributes in creating imperfections. Several magnitudes of geometric
imperfections are considered here to study the impact of the geometric imperfections on the
performance and collapse mechanisms of pedestrian bridge structures.
4.4.1

Susceptibility analysis of initial imperfections of top chord

The susceptibility of a compression member to geometric imperfections, and the investigation of the
impact of local member imperfections on bridge collapse mechanisms are discussed herein.
To account for initial imperfections, it is customary to apply a small amplitude pressure on a small
area and then perform a regular load-deformation analyses (Mentes 2011). Here, an initial uniform
pressure load was applied on small area of the upper flange of the rectangular top chord, where
corrosion was assumed to occur. This area, of dimension 0.15 m by 0.068 m was located at the mid
point of one of the elements of the top chord (Figure 4.21).

0.15 m
0.068 m

Figure 4.21: Area of applied pressure to create initial imperfection
The imperfection load magnitude was taken as 0.05 (0.232 kN), 0.5 (2.32 kN), and 1% (4.63 kN) of
axial force (463 kN) observed at the middle top chord (T6) member (U5-U6) at the last load step of the
intact pin-connected bridge model analysis (see Figure 4.22). The values for equivalent pressure of 0.05,
0.5 and 1% imperfection loads are 22.4, 224 and 448 (kN/ m2).
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U6

T6
U5

Figure 4.22: Finite element analysis of intact pin-connected bridge model
The corroded component was modeled using four-node reduced-integrated shell elements (S4R)
including six degrees of freedom (i.e., three translational and three rotational) per node, as
recommended by Seif and Schafer (2010) and Shi et al. (2014). The intent was to keep the size of the
model as small as possible to increase the feasibility of conducting a large number of parametric studies
while also aiming to provide highly refined solutions to the compressive member response. The shell
element size was taken as 1.5 cm by 1.5 cm, as shown in Figure 4.23 (Mentes 2011).

1.5 cm

Figure 4.23: Finite element mesh showing the shell elements of the component and the connected
members
The assembly of the corroded segment, modelled with shell elements, with the remaining
components was done by connecting the shell elements to the neighboring truss members by using a
continuum-distributing-type coupling constraint in Abaqus software (see Figure 4.24). This approach
improves the efficiency by reducing the computation time of the finite element analysis.

100

Chapter 4.

Finite Element Analysis of Corroded Pedestrian Bridges

Continuum-distributing-type
coupling constraint

Figure 4.24: Continuum-distributing-type coupling constraints connecting the beam portion to the shell
portion of the members
Various nonlinear finite element bridge models were created to account for different corrosion
conditions. These conditions were represented by reducing the thickness of the corroded portion of the
cross-section. The thickness reduction ranged between 50 and 70% of the thickness of the top chord
member. In the analysis, the loading process followed the same procedure described in Chapter 2 and
both geometric and material nonlinearities were accounted for. Figure 4.25 shows one of the nonlinear
FEM models with the corroded members.

Figure 4.25: Finite element bridge model considering member corrosion
4.4.2

Numerical results of bridge models with corroded top chord

Comprehensive studies on the effects of localized deterioration of the top chord for evaluating the
collapse mechanism of bridges were investigated. This section shows the nonlinear finite element
analysis results of the bridge considering different levels of initial imperfection forces applied to the
corroded top chord member. A full understanding was established through finite element analyses to
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quantify and identify the load-carrying capacity and collapse mechanism of the pedestrian bridge
structures, which accounted for the deteriorated top chord considering both the degree of the corrosion
effect and the magnitude of the imperfection force.
4.4.2.1

Corroded top chord with 0.05% imperfection force

Figure 4.26 (a)–(d) shows the progression of the bridge deformation under increasing loading until it
collapses. In this case, the corroded area of the top chord member has a 60% reduction in thickness,
with a very small (0.05%) in-plane imperfection force. The result indicates a similar collapse
mechanism as for the model with intact pin-connected-type truss members (Model 1). Even the live
load factor ψ reaches a final value of 1.34, identical to the one for intact bridge Model 1. At the last
load step, this corroded bridge could not sustain additional loading, because of the instability failure
mechanism (global buckling) of top chord system, where large lateral deformation occurred, and this
led to the bridge collapse.

(a) DL + 0 × LL
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(b) DL + 0.8 × LL

(c) DL + 1.3 × LL

(d) DL + 1.34 × LL
(final step)
Figure 4.26: 60% localized corroded top chord in the mid-length subjected to 0.05% imperfection
force
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Localized 50% corroded top chord with 0.5% imperfection force

Now we look at the effect of increasing the in-plane imperfection force. In the case shown in Figure
4.27 (a) to (d), the central elements of the top chord have a localized thickness reduction in the
corroded area of 50% while the in-plane imperfection force raises to 0.5% of the final axial force of
the middle top chord observed from the intact bridge analysis. When the dead load is applied (Figure
4.27 (a)), the structure deforms elastically. The maximum value of the von Mises stress is 94 MPa and
is observed at the corroded section of the middle top chord (T6). Adding the live load (Figure 4.27 (b),
ψ = 0.8 and Figure 4.27 (c), ψ = 1) indicates additional elastic deformation, with a maximum von

Mises stress that reaches 75% of the yield stress.
Finally, in Figure 4.27 (d), with a 0.86% additional increment load amplification factor ( ψ = 1.086)
the analysis stopped. Large lateral deformations were observed in the top chords at the last load step,
indicating an instability mechanism of the top chord system.
The result showed a similar collapse process and deformed shapes to those of the intact pinconnected-type bridge; however, at the last load step, the load factor of the case presented here
decreased from 1.343 to 1.086 (-20%).

(a) DL + 0 × LL
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(b) DL + 0.8 × LL

(c) DL + 1 × LL

(d) DL + 1.086 × LL
(final step)
Figure 4.27: 50% localized corroded top chord in the mid-length subjected to 0.5% imperfection force
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Localized 50% corroded top chord with 1% imperfection force

Increasing the amplitude of the imperfection force from 0.5% to 1% (of the final axial force of the
middle top chord observed from bridge Model 1 analysis) does not alter the results. In fact, the
collapse mechanism of the bridge is still linked to the instability of the upper chord of the lateral
trusses. The only difference is in the ultimate value of the live load amplifier that shows a light
reduction (1.086 to 1.069 see Figure 4.28)

(a) DL + 0 × LL

(b) DL + 0.8 × LL
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(c) DL + 1 × LL

(d) DL + 1.069 × LL
(final step)

Figure 4.28: 50% localized corroded top chord in the mid-length subjected to 1% imperfection force
4.4.2.4

Localized 60% corroded top chord with 0.5% imperfection force

Now we consider the effect of a larger thickness reduction induced by corrosion (60% of original
thickness). In the example presented in Figure 4.29, we consider the case of lower amplitude
imperfection force (0.5%). When the dead load and live loads were applied to the model ( ψ = 1,
Figure 4.29 (a) and (b)) the bridge showed an elastic behavior, with maximum stress just below the
yield stress. However, it took a very small increment of the live load ( ψ = 1.06) to have the maximum
stress in the corroded part of the upper chord to reach the yielding point (Figure 4.29 (c)). However,
the remaining components of the bridge were still in the elastic range and the bridge was still capable
of carrying the load. It took an additional 2% increment of the live load ( ψ = 1.08) to push the bridge
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into collapse for instability of the upper chord.

(a) DL + 0 × LL

(b) DL + 1 × LL

(c) DL + 1.06 × LL
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(d) DL + 1.08 × LL
(final step)
Figure 4.29: 60% localized corroded top chord in the mid-length subjected to 0.5% imperfection force
4.4.2.5

Localized 60% corroded top chord with 1% imperfection force

Increasing the value of the imperfection force to 1% (of the final axial force of the middle top chord
observed from bridge Model 1 analysis) on a model with a thickness reduction of 60% in the corroded
top chord led us to some unexpected results, as shown in Figure 4.30. Under the effect of the dead load
alone, the model predicted an elastic behavior of the bridge, with stress well below the yield limit.
Adding the live load on the bridge induced the appearance of yielding at some locations on the bridge.
In particular, already 80% of the live load generated yielding in the outer layer of the corroded region
in the top chord member, where the von Mises stresses increased to 330 MPa (Figure 4.30 (b)).
Further increment of the live load ( ψ = 0.96) led the bridge to collapse for a value of the live load
lower than the one used in design. In this case, it is the local buckling in the corroded middle top chord
member (T6), that led to the instability (global buckling) of the remaining top chord system, and
consequently to the bridge collapse.
These results show that the collapse mechanisms and deformed shapes differed from those of the
intact pin-connected-type model, indicating that, for certain level of corrosion and imperfections, the
load-carrying capacity could no longer sustain a one-time nominal live load.
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(a) DL + 0 × LL

(b) DL + 0.8 × LL

(c) DL + 0.93 × LL
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(d) DL + 0.96 × LL
(final step)

Figure 4.30: 60% localized corroded top chord in the mid-length subjected to 1% imperfection force
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Localized 70% corroded top chord with imperfection force

Same conclusions but more drastic live load reductions ( ψ = 0.652 and ψ = 0.39) could be reached if
the thickness reduction is increased (70%, Figure 4.31 and 4.32).

(a) DL + 0 × LL

(b) DL + 0.3 × LL
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(c) DL + 0.64 × LL

(d) DL + 0.652 × LL
(final step)

Figure 4.31: 70% localized corroded top chord in the mid-length subjected to 0.5% imperfection force
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(a) DL + 0 × LL

(b) DL + 0.3 × LL

(c) DL + 0.38 × LL
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(d) DL + 0.39 × LL
(final step)

Figure 4.32: 70% localized corroded top chord in the mid-length subjected to 1% imperfection force

These analyses reveal that, as the degree of corrosion of the top chord member increased (up to
70%), its capacity and strength decreased; however, the bridge collapse mechanism could change
significantly and the load-carrying capacity of this bridge model could drop considerably with slightly
increasing the degrees of corrosion or level of the imperfection loads applied to the top chord.

4.5

Summary of results

According to the analyses in previous sections, the results of pedestrian bridges that account for
corroded floor system and top chord subjected to designated loadings could be summarized as follows.
1. For the cases of uniform corrosion on floor spans and of complete corrosion on some of the floor
beams, all the analyses showed similar load-carrying capacities and collapse mechanisms. All these
models were in the elastic range (with load factors ranged between 1.34 and 1.28), and presented a
failure mechanism which was linked to the instability of the top chord. From this, we can conclude
that the corrosion of the floor beams does not strongly affect the bridge collapse mechanism that
seems to be controlled by the top chord capacity.
2. On the other hand, for the top chord corroded cases, various levels of localized corrosion seem to
produce substantial changes in the failure mechanism of the bridge. For slight levels of corrosion,
the collapse mechanisms are same as that of intact bridge. When imperfection force slightly
increased, same collapse mechanism was observed but with relatively lower loading capacities.
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However, with larger imperfection forces together with higher levels of corrosion, the collapse
mechanism changed significantly and with drastic reduction of live load. Therefore, we can
conclude that the corrosion level of the top chord and degree of imperfection force highly affect the
bridge’s collapse mechanism and its corresponding load capacity. That means that the top chord is
very sensitive to imperfections caused by corrosion effect.

4.6

Conclusions

In this chapter, a comprehensive nonlinear progressive collapse analyses of a corroded pedestrian
bridge has been conducted to quantify and identify the load-carrying capacity and collapse mechanism.
It was found that the degrees of corrosion and the location of the corroded area are essential factors,
which significantly affect the structural integrity of the bridges, particularly, for those with highly
localized corrosion in the top chord. The collapse mechanism could be linked to the instability of the
top chord triggered by the bucking of a local member. Further investigations indicated that for bridges
with corroded floor system, their collapse mechanism does not differ from the one found in the intact
model of the bridge and indicates that the bridge was not sensitive to the location and extent of the
corroded region on floor system (only a slightly lower load factor). Therefore, the mentioned
pedestrian bridges could be categorized as damage-critical structure because, under certain
deteriorated states, the failure of compressive member could significantly reduce the ability to carry
even the design live load.
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Chapter 5

Progressive Collapse Analysis of
Through-Truss Bridge
5.1

Introduction to Guo-Fang Bridge

Figure 5.1: Configuration of Guo-Fang Bridge (CECI Eng. Consultant, Inc, Taiwan.)
The Guo-Fang Bridge is a newly built simple one-span Warren-type through-truss bridge located in
New Taipei City, Taiwan, as shown in Figure 5.1. The length of the bridge is 99.7 m, and both trusses
are spaced 15 m apart with 13 m road clearance. The thickness of the reinforced concrete slab is 0.22 m,
and it is supported by five I-shaped (H 528  500  13  22) longitudinal stringers, spaced at 2.5 m.
Figure 5.2 presents the elevation, member layouts, and cross-sectional view of the through-truss bridge.
An expansion rocker and fixed shoe-bearing types are used at the ends of the truss span. The truss span
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includes 10 panels, with the two spans close to the two ends having equal spacing of 9.85 m and the
remaining eight spans in the middle having equal spacing of 10 m. They are connected transversely by
nine upper-floor beams above the roadway and 11 floor beams below the roadway.
Significant out-of-plane bending moments are found in the diagonals due to the floor beam end
rotations (DelGrego et al. 2008). Therefore, the diagonals in rectangular box-shaped sections (B850 
609  19  19 and B850  640  16  16) are arranged such that strong moment inertia resists
out-of-plane moments. The other truss members are fabricated such that strong moment inertia resists
in-plane moments. The box-shaped hollow members (top, bottom chords and diagonals) satisfy all
requirements described in the American Institute of Steel Construction specification section B4.1
(AISC 2016). The diagonals with I-shaped cross section near each joint have outstanding compression
flanges (unstiffened elements) which also follow the AISC design code.

(a) Main truss elevation

(b) Upper laterals
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(c) Floor system

14.15

0.85

0.85

0.85

13.0

0.85

0.85

4@2.5=10.0

Unit: meter

(d) Bridge cross-section
Figure 5.2: Geometry of bridge model
Structural carbon steel conforming to ASTM A709 Grade 50 specifications (ASTM 2014), with a
7850 kg/m3 mass density, a modulus of elasticity of 200 GPa, and Poisson’s ratio of 0.3, is used for all
floor beams, stringers, and truss elements. According to the AISC Design Guide (AISC 2003), the
A709 steel is an isotropic strain-hardening material with a 345 MPa yield strength and 450 MPa
ultimate strength at 0.21 strain. The stress–strain relationship is illustrated in Figure 5.3. Table 5.1
illustrates member designations, member shapes, and dimensions.
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𝜎 (Pa)
450 × 106
345 × 106

𝐸 = 2 × 1011 Pa

0.21

0.001725

𝜀

Figure 5.3: Stress–strain diagram of ASTM A709 Grade 50 steel
Table 5.1: Member details of Guo-Fang Bridge
Member

Top chords

End post

Bottom chords

Diagonals

Floor beams

Designation

Shape

T1

Box

T2

Box

T3

Box

T4

Box

E1

Box

B1

Box

B2

Box

B3

Box

B4

Box

B5

Box

D1

Web (mm)

Upper flange (mm)

Lower flange (mm)

850  32

914  32

914  32

850  32

914  32

914  32

869  19

888  19

888  19

Box

851  19

609  19

609  19

D2

Box

846  21

660  21

660  21

D3

Box

857  16

640  16

640  16

F1

I

1130  19

640  35

640  35

F2

I

1158  19

1300  25

1300  25

F3

I

518  13

335  16

335  16

F4

Box

850  22

894  22

894  22
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Stringers
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I

368  13

338  16

338  16

5.2

Structural modeling of through-truss bridge

5.2.1

Reviews of steel bridge modeling

Steel through-truss bridges are conventionally idealized as statically determinate structures, and the
truss connections of such bridges are commonly idealized as pin-ended. However, these bridges are
instead highly indeterminate, and their gusset plates, rivets, fasteners, and bolts allow the moments to
transfer through the rigid joints (Liu et al. 2013). Many researchers have stated that the correlations
between experimental responses and the responses of nonlinear finite element models that use beam
elements have confirmed that the rigid frame behavior of steel trusses governs their inelastic behavior
(Frangopol and Nakib 1989; Lee et al. 1991; Nagavi and Aktan 2003).
Nagavi and Aktan (2003) conducted a sensitivity study to establish the most critical parameters that
govern the nonlinear behavior of a Pratt truss bridge (located in Franklin County, Ohio) and to simulate
the most accurate nonlinear bridge models. The authors noticed that the trusses of such bridge deformed
in a way similar to a frame with rigid joints and it could be considered a Vierendeel truss with diagonals.
This category of trusses is usually considered to exhibit highly indeterminate structural behavior. In
addition, they made comparisons between the structural behavior of three-dimensional (3D) models
constructed using different combinations of finite elements, and destructive field test results for a
through-truss bridge with riveted gusset plates. Models constructed using only truss elements
representing all of the structural elements of the bridge produced a structural behavior that differed
considerably from the field test results. On the contrary, the behavior of the 3D model constructed with
beam elements and rigid joints was closer to the observed experimental responses. Therefore, they
concluded that when constructing more accurate finite element steel bridge models, truss members
should be modeled rigidly connected to the truss joints.
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Finite element modeling

A finite element model of the Guo-Fang Bridge was developed to study the bridge’s behavior under
substained loading. Figure 5.4 shows a typical 3D model created using Abaqus software (version 6.14),
which considered material and geometric nonlinearities in the analysis. The geometry and material
properties for 3D bridge models were chosen using engineering design and construction drawings and
included two main trusses, upper and lower lateral bracings, floor beams, and stringers.
The bridge model comprised of 7,791 nodes. The total number of degrees of freedom amounted to
34,961, and the meshes of the floor system (i.e., longitudinal stringers and lateral floor beams),
diagonal webs, and verticals were modeled using the three-node Timoshenko open-section beam
elements (B32OS), with two Gauss points per element representing the open section characteristics.
The top and bottom chords and the end posts were modeled using 3D linear three-node beam elements
(B32). In addition, the upper floor beams close to both ends were modeled with B32 elements, while
the remaining upper floor beams were modeled with B32OS elements. Both the B32OS and B32 3D
elements used integration at 13 Gauss points, where five were equally separated in each flange and
three were symmetrically arranged along the height of the web. According to previous studies, it
should also be noted that the joints connecting the upper and lower floor systems and the two main
truss members were modeled with rigid constraints, accounting for the section overlapping of the
beam elements.
The weight of the concrete deck was considered, but any composite action between the concrete slab
and the steel superstructure was neglected, and the equivalent weight of the concrete slab was equally
distributed on the longitudinal stringers across the floor beams.

Figure 5.4: Configuration of Guo-Fang Bridge model
122

Chapter 5.

5.2.2.1

Progressive Collapse Analysis of Through-Truss Bridge

Boundary conditions

It is common to make the simple assumption that the supports have fixed, pinned (hinge), or roller
boundary conditions without accounting for the soil or foundation stiffness. These issues will be
addressed in the last chapter of this thesis. The boundary conditions of the Guo-Fang Bridge finite
element model follow AASHTO specifications (AASHTO 2012). The hinge boundary is assumed at
one end (i.e., restrained in three translational directions) while the roller boundary is modeled for the
other end of the bridge (i.e., the vertical and lateral movements are constrained and only the
longitudinal motion is allowed).
5.2.2.2

Load types

As for the case of the pedestrian bridge, two load types were considered: (1) the dead load, and (2) the
live (e.g. traffic) load. These were then implemented on the bridge model with the same procedure
followed for the pedestrian bridge.
Dead load
The through-truss bridge total dead load (DL) consisted of the self-weight of the steel structure and
concrete slab and the superimposed dead load (SDL) representing non-structural dead loads that
remain permanently on the structure. The total DL after original construction was estimated
accounting for (1) the self-weight of the steel structure (7,938 kN) and the weight of the concrete slab
(8,540 kN), (2) the weight of asphalt concrete (AC), ground rail, and add-ons (3676 kN), and (3) an
additional estimated overall SDL, consisted of the parapets and sidewalks (636 kN) corresponding to a
uniform pressure load of 490 N/m2.
Live load: HS 20-44 truck
According to AASHTO LRFD Bridge Design Specifications (AASHTO 2007), a notional live load is
described and used in this study. Based on the specification, a notional live load is defined as follows:
“a group of vehicles routinely permitted on highways of various states.” It does not intend to represent
any specific truck or illegal overloads, nor does it represent a specific short duration or special load. It
allows for the combination of lane loads and design truck loads for variation of combinations.
Consideration under nominal load factor is selected for the notional live load depending upon the
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target limit state or load combinations. In lieu of these individual load cases, the notional load is scaled
by load factors to represent a variety of cases in the LRFD bridge specification.
The standard HS 20-44 truck load was selected as live load (AASHTO 2007) for evaluating the
load-carrying capacity of the bridge after damage or failure of its members. As shown in Figure 5.5,
the HS 20-44 truck comprises of three axles: one 35 kN (8 kip) front axle, one 145 kN (32 kip) middle
axle, and one 145 kN (32 kip) rear axle. The distance between the front and middle axles is fixed at
4.27 m (14 ft.), and the distance between the middle and rear axles varies between 4.27 m and 9.14 m
(14 ft. and 30 ft.). For this study, the distance between the middle and rear axles is kept constant at
4.27 m (14 ft.).

35 kN (8 kip)

4.27 m

145 kN (32 kip)

9.14 m

145 kN (32 kip)

Figure 5.5: Configuration of HS 20-44 truck (AASHTO 2007)
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The uniform load may be continuous or discontinuous as necessary to produce the maximum force
effect (AASHTO 2014). The configuration of dead load and live load is shown in Figure 5.6.

(a) Dead load

(b) Live load

Figure 5.6: Configuration of DL (upper) and live load (lower)

5.3

Numerical analysis results

This analysis examines and discusses the results of the nonlinear static progressive collapse for the
Guo-Fang Bridge model. First, the DL, including the weight of the steel trusses, upper and lower floor
beams, stringers, and deck system, is applied to the structure, and then the live load due to the load of
three HS 20-44 trucks is applied. The vehicular live load is incrementally applied until the bridge
structure fails, which is deemed to happen when the analysis cannot converge at an incremental load
step.
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Undamaged (“Intact”) bridge

The collapse progress and final deformation based on the proposed load procedure are illustrated in
Figure 5.7 (a)–(f) for the through-truss bridge model. They show the von Mises stresses and the
deformation shapes of the bridge model at different load increment steps.
When the total DL (20,792 kN) was applied to the bridge model, the deformed shape was as
shown in Figure 5.7 (a). The highest von Mises stress for the bridge model at such a load step was 145
MPa, which was observed at the diagonal web at the second span close to the second vertical; this was
well below the yield stress (345 MPa), and the deformations were in the elastic range. Then, the entire
unfactored live load was added ( ψ = 1) and the bridge deformed as shown in in Figure 5.7 (b). In this
new configuration, the maximum von Mises stress was still observed at the same location, with a
slightly increased von Mises stress of 150.5 MPa (nearly 43.6% of the yield stress). It took an
amplification factor ψ = 30, e.g. the DL plus 30 times the live load, before we could see that the
maximum von Mises stress reached the yield limit. The yield stress was first found in the lower web of
the diagonal (D1) located at the second span, but yielding was observed only in the outer layer of the
web diagonal. Hence, even if the bridge model was no longer elastic, nonlinearities were confined in a
small area. With a further increase of the live load ( ψ = 33.5), yielding was further observed in the
bottom chord at the middle span (fifth span), (Figure 5.7 (d)). Figure 5.7 (e) depicts a model with a
live load factor ψ = 41; due to the excessive loading increase at this load condition, the middle of the
floor system deformed further downward. The von Mises stress reached yielding in both the diagonal
(D1), located at the second span, and at the bottom chord (B5) of the fifth span. When the live load
factor reaches ψ = 42.3, fully yield was observed in bottom chords B5 of the fifth span (Figure 5.7
(f)). As shown in Figure 5.7 (g), with a small increment of load step using live load factor ψ = 44.63
induced a more significant geometric change that brought the bridge to collapse. It is important that
even when the bottom chord (B5) was fully yielded (failure), the T4 members were still able of
holding the bridge for two live load steps. Finally, member buckling was observed at the middle top
chord (T4) where the compressive axial force at the last load step reached the element’s nominal
capacity (38,949 kN) and the through-truss bridge collapsed immediately. Hence, in this model, the
results of the analysis indicated that the failure of the bottom chords together with the local buckling
of the middle top chord were responsible for the collapse of the Guo-Fang Bridge.
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(a) DL + 0 × LL

highest von Mises stress location
at this load step

(b) DL + 1 × LL

(c) DL + 30 × LL
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B5
(d) DL + 33.5 × LL

B5
(e) DL + 41 × LL

B5
(f) DL + 42.3 × LL
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T4L

(g) DL + 44.63 × LL
Figure 5.7: Collapse process and deformation shapes of intact bridge model
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Critical member failure mechanism

The normalized axial–flexural interaction curve histories are illustrated for five key components
(i.e., the top chords T2L–T4L and the bottom chords B4R and B5R) of the bridge.
The interaction curve history of a member was formed by the axial force and moment from the
analysis results of Abaqus. Here we take the member T4L as an example (Figure 5.8 (a)), as the
loading is increased, yielding first begins at the outside layer of the member (Von Mises stress plot in
Figure 5.8 (a)) and, with the increase of the axial force, it expands to the interior of the element. If the
axial force is large enough to generate yield stress over the entire cross section, the resisting bending
moment would no longer exist. Thus, the more yielding we have, the less moment the member can
carry (Tsao 1969).
Figure 5.8 (b)–(d) shows the interaction curve of the selected top chord members, while Figure 5.8
(e) and (f) are for the bottom chord members. The vertical axis 𝑃/𝑃𝑢 , represents the ratio of the
compression axial force to the member axial force capacity, while the axis 𝑁/𝑁𝑢 , indicates the
tension force to the member axial tension force capacity. In Figure 5.8 (b), the behavior of the T4L
member is dominated by the compressive axial force. When the axial force reaches 90% of its axial
force capacity and the moment reaches approximately 10% of its moment capacity, the extreme fiber
reaches the yield stress. As the T4L member sustains further axial forces and moments, the interaction
curve continues until it reaches the member capacity at the last incremental step. On the other end,
member T2L remains in the linear range at the last loading step when the axial force reaches 70% of
its axial strength, as shown in Figure 5.8 (d).
The behavior of the bottom chord B5R member is dominated by tension force, which increases
continuously through the loading process and, with the increase of the live load, it sustains further
axial forces and moments, until the last incremental step, bottom chord member B5R reaches its
member capacity (Figure 5.8 (e)). Therefore, the bridge collapsed right after the failure of the top
chord T4L at the middle span (Span 5).
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Von-Mises stress

yielding start

Axial force

Moment

(a) Von-Mises stress, axial force and moment versus loading histories for T4L component

capacity reached
yielding start

(b) T4L

(c) T3L
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(d) T2L

(e) B5R

(f) B4R
Figure 5.8: Interaction curves of selected members

5.4
5.4.1

Structural modeling of deteriorated through-truss bridge
Finite element modeling

This section shows a series of nonlinear static progressive collapse analysis results of bridge models
that incorporate different locations and levels of localized deterioration. An understanding of the
load-carrying capacities and collapse mechanisms of the deteriorated through-truss bridge structures
was gained through various finite element analyses.
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Corroded diagonals

According to field observations, general steel bridge corrosion damage is usually detected at the
lower section of diagonals. Hence, to understand the impact of such deterioration on the structural
performance, progressive loading analyses have been conducted simulating different section cases on
the diagonal elements. For the diagonals, it has then been assumed that the corrosion is uniformly
distributed along the perimeter of the section, with a thickness reduction that ranged between 40% and
60% of the original thickness.
The finite element through-truss bridge model accounting for corrosion effects on the diagonal web
is shown in Figure 5.9. The lower part of the diagonal was modeled with a four-node (reduced-order)
shell element (S4R) suitable for large-strain analysis. The element size was taken as a 7 cm by 7 cm
mesh size (Figure 5.10). Figure 5.11 shows the assembly, with the terminal portion of the diagonal
modelled with shell elements. They were then connected to the beam portion of the diagonal by using a
continuum-distributing-type coupling constraint in the Abaqus software. Other than the deteriorated
section, the model details and element descriptions of the constructed through-truss bridge were
mentioned in the previous section.

Figure 5.9: Bridge model simulating corrosion effect on diagonal web

7 cm

Figure 5.10: Finite element mesh showing shell elements
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Lower section
(thickness reduction on
web and flanges)

Figure 5.11: Continuum-distributing-type coupling constraints connecting beam portion to shell
portions of members
As previously done, to simulate the effects due to structural imperfections, the imperfection load
magnitude was taken equal to 1% of the axial force (2285 kN) observed at the diagonal close to the
middle span at the last load step of the intact bridge model analysis. The imperfection load was then
distributed to the upper side of the corroded web of the diagonal element.
Localized 40% corroded diagonal
Figure 5.12 (a)–(d) shows the stress distribution in the corroded section of the diagonal when we
assume a 40% thickness reduction.
When the total dead load was applied to the bridge model, the von Mises stress contours in the
corroded diagonal are shown in Figure 5.12 (a). The highest von Mises stress for the corroded diagonal
member at such a load step was 265 MPa (76.5% of yield stress), which was observed at the lower
section of the corroded diagonal web. When the live load was added in the analysis ( ψ = 1, Figure 5.12
(b)), the von Mises stress reaches yielding at the same location (i.e., the lower section of the corroded
diagonal web), and yielding is confined only in the outer layer of the corroded region. As the load
amplification factor ψ increases ( ψ = 6, Figure 5.12 (c)), yielding spreads on large portions of the
corroded diagonal and this process continues until ψ reaches the value of 10.1(Figure 5.12 (d)): at
this point, the corroded diagonal fails (this is a local failure condition). Furthermore, when load factor
reaches ψ = 42, the bottom chord Spn6-B5L at span six reaches the fully yield condition. However,
in this condition the bridge is still able of carrying loads due to the load distribution by top chord
system. Further increase of load factor at a level of ψ = 42.2 led the bridge to collapse for a value of
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the live load slightly lower than the one responsible for the failure of the undamaged bridge. In this case,
it is first the failure of bottom chord and then the local buckling in the middle top chord (Spn6-T4L),
that caused the bridge to collapse.

(a) DL + 0 × LL

(b) DL + 1 × LL

(d) DL + 10.1 × LL

(c) DL + 6 × LL
Spn6-T4L

Spn6-B5L

Corroded diagonal

(e) DL + 42.2 × LL
Figure 5.12: 40% localized corroded diagonal in the lower section; Collapse shape of the bridge
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Looking at the members that were critical for the collapse of the undamaged bridge (the top chord
members T4L at Span 5, Span 6, and the bottom chord B5L at Span 6), the axial–flexural interaction
curve of Spn6-T4L and Spn6-B5L showed that the axial and bending load reached the member’s
capacity and so the members failed in this state (Figure 5.13). Comparing the results for the interaction
curve of selected members of this corroded case with those of the intact bridge, similar trend of the
curves were found, indicating the reason that led to collapse of this corroded bridge is associated with
the failure of middle bottom chord together with the middle top chord.

(a) Spn6-T4L member about 𝑥-axis (right); 𝑦-axis (left)

(b) Spn5-T4L member about 𝑥-axis (right); 𝑦-axis (left)
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(c) Spn6-B5L member about 𝑥-axis
Figure 5.13: Interaction curve of the selected members
Localized 60% corroded diagonal web
Now let’s consider the case where the thickness of the corroded portion of the diagonal element is
reduced by 60% of the original one, while considering the same imperfection force (1%) as mentioned
in the 40% thickness reduction case. In this case, the behavior of the bridge changed dramatically. In
fact, the von Mises stress reaches the yielding limit at the lower section of the corroded diagonal web
when only 60% of the dead load is applied to the bridge. It took further increment of the dead load
member failure (95% of the dead load) to push the damaged diagonal to buckling failure (see Figure
5.14, this is a local failure condition). However, the buckling of this member does not affect the
overall load-carry capacity of this damaged bridge. In fact, the damaged bridge can still sustain further
loading until the load factor ψ = 41.45 (7% lower than the undamaged bridge). Collapse mechanism
is still associated with the bending failure in bottom chord (Spn6-B5L) at the sixth span and local
buckling in the middle top chord (Spn6-T4L) at the sixth span that lead to the bridge’s collapse.
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(b) 0.6178 × DL + 0 × LL

(a) 0.5178 × DL + 0 × LL

(d) 0.9534 × DL + 0 × LL

(c) 0.8995 × DL + 0 × LL

Figure 5.14: 60% localized corroded diagonal web in lower section
Spn6-T4L

Spn6-B5L

Corroded diagonal

DL + 41.45 × LL
Figure 5.15: Deformation shape of damaged bridge model
The axial–flexural interaction curve histories are plotted for the same key locations (Spn6-T4L,
Spn5-T4L and Spn6-B5L), as shown in Figure 5.16. For component Spn6-T4L, the loading is
dominated by the axial force: the loading path shows that, when the axial forces reached 90% of the
member’s capacities, the maximum stress reaches the yield stress at the extreme fiber and, with the
increase of the zone of steel yielding, the flexural rigidity decreases. Increasing the axial force, the
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Spn6-T4L and Spn6-B5L members reached their member capacity.

(a) Spn6-T4L member about 𝑥-axis (left); 𝑦-axis (right)

(b) Spn5-T4L member about 𝑥-axis (left); 𝑦-axis (right)

(c) Spn6-B5L member about 𝑥-axis
Figure 5.16: Interaction curves of the selected members
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The results of the above analyses indicate that, regardless of the moderate (40% corrosion) or
severe (60% corrosion) deteriorated conditions in the localized region of the middle diagonal, there is
only a slight reduction of the load-carrying capacities ( ψ = 44.6 for the intact bridge, ψ = 42.2 and
41.45 for the 40% and 60% diagonal corrosion cases). This indicates that the overall load-carrying
capacity of the bridge was not sensitive to the degree of localized corrosion in the diagonal element at
mid span.
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Corroded end post

Another common deterioration scenario of the through-truss bridge is when there is localized corrosion
at the end post. For this damage scenario, various cases with different degrees of deterioration at the
end post were considered, assuming that the corrosion induced thickness reduction is uniform
throughout the entire portion of the lower section of the end post.
The bridge model with the deteriorated end post is shown in Figure 5.17: the corroded end post
section was modeled with four-node reduced-order shell element (S4R) with element mesh size taken as
2.5 cm by 2.5 cm. The remaining part of the end post was also modeled using the S4R element but the
element size was taken as 10 cm by 10 cm (Figure 5.18). The assembly of the corroded section,
modelled with shell elements, was then connected to the other members of the truss by using a
continuum-distributing-type coupling constraint, as previously mentioned. The effect of corrosion
induced damage is simulated by considering a 60% thickness reduction over a segment of the end post.
Two different length of this corroded area (0.1 m and 0.2 m) were considered.

Figure 5.17: Configuration of bridge model considering corrosion effect on end post

10 cm

2.5 cm
Figure 5.18: Finite element mesh showing shell elements
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(a) 0.1m

(b) 0.2m

Figure 5.19: Continuum-distributing-type coupling constraints connecting beam portion to shell
portions of members
Again, to simulate the effect of imperfection, a small magnitude load was applied over the damaged
area. The magnitude of this imperfection load was equal to 1% of the axial force (232,730 kN) observed
at the end post at the last load step of the intact through-truss bridge model analysis. The value for the
equivalent pressure of 1% imperfection load is 8 kN/ m2 (Figure 5.20).

Figure 5.20: Imperfection load application
The load application followed the same procedure described in the previous section. Figure 5.21
illustrates the von Mises stress distributions in the corroded section of the end post at different loading
process.
When 42% of the dead load was applied to the bridge, the yield stress was reached in the corroded
section (i.e., the lower section of the corroded end post) (Figure 5.21 (a)). By increasing the load up to
52% of the DL, yielding appeared to spread on a larger portion of the corroded section (Figure 5.21
(b)). At 92% of the dead load, further yielding was observed in both the upper and lower flanges of the
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corroded end post (Figure 5.21 (c)) and with an additional 1% of dead load, the corroded end post
failed due to inelastic buckling caused by partial yielding of fibers in the corroded cross-section
(Figure 5.21 (d)). This caused large vertical displacement at Joint L1 (Figure 5.22). Despite the lower
stiffness (because of the yielded element), this damaged bridge could still sustain further loadings.
This is because the adjacent bottom chord element (B1R) was able to resist significant in-plan bending
moment to resist the vertical deflection of Joint U1, while the connected floor beams could also carry
considerable bending moments at their end connections at Joint L1. The bridge could still sustain
loadings until its ultimate capacity was reached when the live load amplification factor ψ reached
the value of 6. At this point, the analysis stopped because the bottom chord element (B1R) located at
the first span failed due to bending failure. The analysis stopped at this step, which lead to the collapse
of this damaged bridge (Figure 5.22).

(a) 0.42 × DL + 0 × LL

(b) 0.52 × DL + 0 × LL

(d) 0.93 × DL + 0 × LL

(c) 0.92 × DL + 0 × LL

Figure 5.21: Deformation for 60% localized thickness corrosion with 0.1 m expansion
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U1

Corroded
end post

L1

B1R

(a) Collapse shape for bridge with 60% localized corroded end post (0.1 m)
End post failure

DL

(b) Vertical displacement at joint L1
Figure 5.22: Collapse shape of the bridge and vertical displacement history
To better understand the failure mechanism of the bridge, the axial–flexural interaction curve
histories are plotted in Figure 5.23 for key structural elements (i.e., the bottom chord members B1R
and B2R). For components B1R and B2R, when the axial forces reached 15% and 12% of their
member capacities respectively, their trend in the interaction curve changed abruptly from axial force
dominant to moment control. This is due to the fact that when the corroded end post failed, large load
redistribution changed suddenly and the loads are transferred to the adjacent bottom chords (B1R and
B2R) that reacted mostly in bending.
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(a) B1R member about 𝑥-axis (left) ; 𝑦-axis (right) (0.1 m)

(b) B2R member about 𝑥-axis (left); 𝑦-axis (right) (0.1 m)
Figure 5.23: Interaction curves of key members
Similar analysis was conducted considering a 60% thickness reduction in the original end post,
over a distance of 0.2 m from the end of the post. When 10% of the dead load was applied to the
bridge, the von Mises stress reached the yield limit in the lower section of the corroded portion (Figure
5.24 (a)). With 52% of the dead load, further yielding was observed in both the upper and lower
flanges of the corroded end portion. The corroded end post failed due to inelastic buckling caused by
partial yielding of fibers in the cross-section of the corroded portion (Figure 5.24 (b)). In this case, it is
the buckling failure in the corroded end post, that causes large vertical displacement at Joint L1.
However, the bridge, with the damaged end post, can still carry further load until the live load
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amplification factor reaches the level of ψ = 6 (Figure 5.24). The bridge’s collapse was caused by
the bending failure of the bottom chord (B1R) close to joint L1.

(b) 0.52 × DL + 0 × LL

(a) 0.1 × DL + 0 × LL

Figure 5.24: Deformation for end post with 60% localized thickness corrosion and 0.2 m expansion
Corroded end post

B1R
B2R
(a) Collapse shape for bridge with 60% localized corroded end post (0.2 m)

End post failure

DL

(b) Vertical displacement at joint L1
Figure 5.25: Collapse shape of the bridge and displacement history

146

L1

Chapter 5.

Progressive Collapse Analysis of Through-Truss Bridge

In Figure 5.26, the axial–flexural interaction curve histories for the bottom chord elements B1R and
B2R show a similar behavior to those obtained for the case of a smaller damaged area (0.1 m height of
corroded segment).

(a) B1R member about 𝑥-axis (left) ; 𝑦-axis (right) (0.2 m)

(b) B2R member about 𝑥-axis (left) ; 𝑦-axis (right) (0.2 m)
Figure 5.26: Interaction curves of key members
5.4.1.3

Damaged top chord

Now let us consider another possible damage scenario: the case of localized corrosion in a top chord
member. The through-truss bridge model that accounts for localized corrosion effects on the top chord
is shown in Figure 5.27. These effects were represented by uniformly reducing the thickness of a
portion of the cross-section in the middle of an element of the top chord.
The corroded part was modeled in a similar way as in the case of the end post, with a mesh of shell
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elements S4, of size 2.5 cm by 2.5 cm, while the remaining part of the element was modeled with a 10
cm by 10 cm S4R elements (Figure 5.28 (a)). The initial imperfection force was represented by
uniform pressure applied on a small area of the upper flange of the box-type cross-section, where
corrosion was assumed to occur. This area, of dimension 5 cm by 89 cm, was located at the midpoint of
the element of the top chord (Figure 5.28 (b)). The magnitude of the imperfection force was taken as
0.5% of the axial force observed at the same element during the final load step of the undamaged
bridge analysis.

(Span4T3R)

(Span6T4R)

Figure 5.27: Configuration of bridge model with corroded top chord
10 cm

2.5 cm

(a) Finite element mesh showing shell elements
5 cm
89 cm

(b) Imperfection load application
Figure 5.28: Meshing and imperfection force of top chord
Localized 60% corroded top chord
In the case when the thickness of the cross-section is reduced to 60% of the initial thickness, it took
80% of the dead load for the maximum von Mises stress in this bridge to reach the yield limit, stress
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that was observed in the upper section of the corroded cross-section of the top chord member (Figure
5.29 (a)). When the load factor equals 5.78, the corroded top chord failed due to buckling failure (local
failure condition) (Figure 5.29 (b)). However, the local buckling in the corroded top chord (T4) does
not lead to the collapse of the bridge. The bridge was still able of carrying further loadings. The upper
bracing provided the ability of carrying further loads. The next element to reach failure is the upper
bracing BR4R that fails in buckling when the load amplification factor reaches the value ψ = 7.9
(buckling load equals 3,850 (kN)). When the load amplification factor reaches a value of 9.3, also the
upper bracing BR4L buckles. Finally, when the load factor reaches ψ = 15.6, the bottom chord
Spn4-B4R fails due to bending failure, and consequently the bridge collapses.

(a) 0.8 × DL + 0 × LL

(b) DL + 5.78 × LL
BR4L

BR4R

Corroded T4
(c) DL + 15.6 × LL
(final step)

Spn4-B4R

Figure 5.29: Top chord with 60% thickness loss in the middle section
Looking at the interaction curve for members adjacent to the corroded one, it is possible to see that
the axial force in both the elements Span5-T4L and Span6-T4L reached around 70% of its axial force
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capacity and around 9% of its moment capacity. This indicates that both elements remain within the
linear elastic range until the last incremental load step. In Figure 5.30 (b), the interaction curve
histories for the bottom chord element Spn4-B4R indicates that it reaches its member capacity in the
last loading step.

(a) Spn6-T4L

(b) Spn5-T4L

(b) Spn4-B4R
Figure 5.30: Interaction curves of key members

Localized 70% corroded top chord
Now, if we consider a more severe corrosion scenario by increasing the value of thickness reduction to
70% of original thickness, same dramatic changes occur in the loading process of this bridge model.
As shown in Figure 5.31 (a), the von Mises stress reaches the yielding limit at the upper portion of
the flange of the corroded top element when only 56% of the dead load was applied. The corroded top
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chord buckled when 91% of the dead load was applied (local failure) (Figure 5.31 (b)). The upper
bracings, as mentioned, were able to carry the redistributed loads, until the failure of upper bracings
(the upper bracing BR4R buckled at ψ = 2.5 while the upper chord BR4L buckled at ψ = 4.3).
However, the bridge could still carry further loadings until the load factor reached the value of 10.7. At
this point, the analysis stopped due to bending failure mechanism of the bottom chord member (B4R).

(a) 0.56 × DL + 0 × LL

(b) 0.91 × DL + 0 × LL

BR4R

Spn6-T4L BR4L Spn4-T3L

Corroded T4

Spn4-B4R

(c) DL + 10.7 × LL
(final step)
Figure 5.31: Top chord with 70% thickness reduction in the middle section
As before, the interaction curves for the key members (Spn6-T4L, Spn4-T3L and Spn4-B4R) show
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that both top chord members reach around 60% of their axial force capacity and around 8% of its
moment capacity, remaining well within the elastic domain. The results of this analysis indicated that,
as in the previous case, the failure mechanism of this damaged bridge is due to the bending failure of
the bottom chord (Spn4-B4R).

(a) Spn6-T4L

(b) Spn4-T3L

(c) Span4-B4R
Figure 5.32: Interaction curves of key members
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Total removal of diagonal

Now we want to determine the bridge load capacity and the collapse mechanism under extremely
severe conditions. In these analysis, entire members are removed either diagonals, or end posts or upper
chord members. Hence, the conventional load paths were disabled and the load transfer mechanism was
redistributed from the removed member to the remaining bridge parts.

Figure 5.33: Configuration of bridge model with diagonal removed in middle span

Let’s now look at the damage case in which an entire diagonal member (in this case member D4) is
removed. The collapse mechanism and deformation of this bridge are illustrated in Figure 5.34 (a)–(e).
After the entire DL was applied to the structure, the deformed shape of the bridge appeared to be the
one shown in Figure 5.34 (a). The highest von Mises stress for the bridge model at this load step was
observed at the bottom chord at mid span, with a value of 163 MPa, which was well below the yield
stress, and the bridge was elastic. In this bridge model, the yield stress was first reached at the bottom
chord of the span where the diagonal element was removed: this event occurred when the live load
amplification factor ψ reached a value of 23.5 (see Figure 5.34 (b)), indicating that the bridge
reaches the inelastic stage earlier than the undamaged model. When load factor reaches ψ = 41, the
bottom chord (B5L) at span six fully yielded (Figure 5.34 (c)). However, the bridge is still able to
carry loads by the top chord system. Finally, in Figure 5.34 (d), when the load factor reaches ψ =
41.43, the analysis stopped. At this point, the bridge could not sustain additional loading since that the
top chord at the sixth span buckled, causing the buckling of the middle top chord which led to the
collapse of the damaged bridge.
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(a) DL + 0 × LL

(b) DL + 23.5 × LL

Spn6-B5L

(c) DL + 41 × LL
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Spn6-T4L
Spn6-B5L

U5R

L4R
(d) DL + 41.43 × LL
Figure 5.34: Collapse process and deformation shapes of bridge model with diagonal removed
The result showed a collapse mechanism similar to that of the damaged through-truss bridge with
damaged diagonal. However, the difference is the double curvature at the damaged section created by
considerable bending due to the global shear force resisted by Vierendeel action (see Figure 5.34 (d)).
This indicated that the distributed load was transferred through the connection at the bottom to the far
end of the truss. To constrain the vertical deflection at Joint U5R, the floor beams had to resist positive
bending moments at their end connections at Joint L4R. As the vertical deflection of U5 increased,
significant bending moments were redistributed from the truss system to the floor section. This effect
allowed the bridge to reach its ultimate capacity earlier, when the sustained load was DL+41.43×LL:
this load was slightly lower than that of the undamaged bridge (-7.1%).
In addition, due to the removal of the diagonal at the fifth span, the redistributed load had to be
transferred to the undamaged remaining part of the truss, causing the middle top chord element (T4) to
reach its capacity earlier. Thus, we can conclude that the diagonal member removal scenario was only a
localized damage condition.
Figure 5.35 (a)–(d) shows the interaction curves of selected top chord members. The behavior of
T4L member (sixth span) is controlled by the axial force, which increases progressively. With the
increment of load steps, the T4L member sustains additional axial forces and moments, until it reaches
its member capacity at the last incremental step and fails.
The bridge collapsed right after the failure of the top chord T4 located at the middle spans (Spans
5 and 6). The results of the analysis indicated that the local buckling of top chord located at the middle
span together with the failure of the bottom chord at middle span was the reason that caused the bridge
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to collapse.

(a) Spn6-T4L

(b) Spn5-T4L

(c) Spn4-T3L

(d) Spn6-B5L

Figure 5.35: Interaction curves of key members
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Total removal of end post

Now we look at the damaged bridge that accounts for complete failure of an end post member (Figure
5.36). An end post at one end was removed to simulate an extreme failure scenario. The load
application followed the procedure described in previous sections.

Figure 5.36: Configuration of bridge model with end post removed at one end
The collapse progress and deformation shapes are depicted in Figure 5.37 (a)–(c) for the damaged
through-truss bridge when one end post (E1) located at the first span was removed.
When 52% of the dead load was applied to the damaged bridge, yield stress was first found in the
bottom chord (B1R) located at the first span (Figure 5.37 (a)). Figure 5.37 (b) indicates that, when
72% of the dead load was applied to the bridge, yielding was further found in B2R member located at
the second span. Finally, in Figure 5.37 (c), when the live load amplification factor reached ψ = 4.27,
the bridge could not endure additional loading and the analysis stopped at this load step. Bending
failure was observed in the bottom chord (B1R) located at the first span close to joint L1R.
The results of these analyses showed that the heavily loaded transverse frame is similar to a closed
tube that consists of the upper, lower floor beam and verticals adjacent to the removed end post. The
closed tube was heavily loaded and rotated considerably due to the unsymmetric load distribution. The
counteraction to the rotation of the 3-D tube was provided by the tension force in the upper floor beam
and in the vertical member located on the side of the undamaged truss.
Looking at the results of above analyses, it appears that there is no difference between the one end
post removed model and those models of 60% thickness reduction of the end post with 0.1 and 0.2 m
expansion. Identical collapse mechanisms was shown for these cases, while there is only a slight
decrease of the load factor ψ between these cases ( ψ = 6 for the 60% thickness reduction cases and
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ψ = 4.27 for the end post removed model). It indicates that this damaged condition (end post removed)

can classified as local damage, without much impact on the overall load carrying capacity of the bridge.
The analysis result shows that this damaged model does not collapse due to the removal of the end
post at one end, instead, it collapsed due to the failure of the adjacent bottom chord (B1R) located at
the first span.

(a) 0.52 × DL + 0 × LL

(b) 0.72 × DL + 0 × LL

(c) DL + 4.27 × LL
(final step)

L1R

B1R

Figure 5.37: Deformation shapes and collapse procedure for bridge with one end post removed
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The axial–flexural interaction curve histories are plotted for key locations for this damage
condition, as shown in Figure 5.38 (i.e., top chords T4L and T3L, bottom chords B1R and B2R, and
vertical component V1L). The axial force in top chord members T4L and T3L reaches around 50% of
its axial force capacity and around 5% of its plastic moment strength, and the interaction curves
remain linear at the last load step.
The behavior of the bottom chord, B1R (symmetric box cross-section component), is dominated
by a strong-axis (𝑥axis) bending moment that increases gradually, as mentioned in previous sections.
With the increase in the load steps, this symmetric box cross-section member carries further axial
forces and moments, and the interaction curve continues until it reaches the member capacity at the
last incremental step.

(a) Spn5-T4L

(b) Spn4-T3L

(c) Spn1-B1R

(d) Spn2-B2R
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(e) V1R
Figure 5.38: Interaction curves of key members
5.4.1.6

Total removal of top chord

Let us now consider the damaged bridge accounting for the removal of one middle top chord element
at one side to evaluate the bridge load-carrying capacity (Figure 5.39).

Figure 5.39: Configuration of bridge model with one top chord T4R removed
Figure 5.40 shows deformation of the damaged through-truss bridge with the removal of T4R located at
the middle span (fifth span).
In this case, the localized failure load is 53% of the dead load, at this point the upper bracing
member BR4R failed due to buckling (local failure). When the load amplification factor reaches the
value 0.6, the adjacent upper bracing BR4L also fails because of buckling. The damaged truss loses its
capability of carrying further load, and thus the load must be resisted by the adjacent undamaged truss
and by the floor system. Finally, when the load amplification factor reaches ψ = 6.8, this damaged
bridge collapses due to bending failure of the bottom chord B4R at span four (Figure 5.40 (b)).
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BR4R

(a) 0.53 × DL + 0 × LL
BR4L

BR4R

B4R
(b) DL + 6.8 × LL
Figure 5.40: Collapse process and final deformation

The behavior of the bottom chord, B4R, is dominated by bending moment, as mentioned in previous
sections. With the increase in the load steps, this bottom chord member can carry further axial forces
and moments, and the load history continues until it reaches the member capacity at the last load step.

Figure 5.41: Interaction curve of member Spn4-B4R
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Summary of results

According to the analyses in this chapter, the results of the analyses on the collapse mechanism of
through-truss bridges with various levels of deterioration in diagonal, end post and top chord are
summarized as follows.
1. For the cases of corrosion and of complete component removal in the middle diagonal, all the
analyses showed similar load-carrying capacities (load factor 42.2 to 41.43) and collapse
mechanisms to those of the undamaged bridge. All these models indicated that the failure
mechanism of the bridge is related with the failure of the middle bottom chord and the local
buckling of middle top chord which led to the collapse of the bridge. From this, we can conclude
that the damage of the diagonal does not strongly affect the bridge collapse mechanism and its
load-carrying capacity.
2. Looking at the end post, the results of the analyses showed that, even with the total removal of the
end post, the damaged bridge could still carry a certain level of live load (load factors ranged
between 6 and 4.27) However, the load-carrying capacity of the damaged bridge dropped
considerably compared to that of the undamaged one. It should be noted that the critical member
that led the bridge to collapse is the bottom chord adjacent to the corroded end post.
3. For the cases of deterioration in the middle top chord, the failure mechanism and the load-carrying
capacity of the bridge is sensitive to imperfections caused by corrosion effect. With slight localized
corrosion, the bridge’s collapse mechanism is same as the intact one. When the corrosion level
becomes severe, similar failure mechanism could be observed, but the load-carrying capacity of the
corroded bridge could drop moderately compared to that of the undamaged bridge. Therefore, we
can conclude that the damage level of top chord to some extent affect the load-carrying capacity of
the bridge.

5.5

Conclusions

A comprehensive study of nonlinear progressive collapse analyses of a steel through-truss bridge was
conducted to investigate and identify the collapse mechanism and the structural loading capacity.
It is found that the damage of the middle top chord is a sensitive case that affects the load-carrying
capacity of the bridge. With severe corrosion condition, it reduces the load-carrying capacity
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moderately. The collapse mechanism of the bridge is linked to the failure of the bottom chord system
caused by the bending failure of a middle bottom chord. Looking at the end post, damage of the end
post is a severe condition. For this damaged type, the bridge reduces 90% of its live load carrying
capacity compared to that of the undamaged bridge. Furthermore, failure of the diagonal is the least
severe condition. Such a damage scenario weakens the system capacity the least, sustaining loadings
slightly lower (-7.1%) than that of the intact bridge.
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Chapter 6

Support Settlement on Through-Truss
Bridges
6.1

Introduction to boundary settlement on structures

Conventional structural analysis and design methods usually assume that the bases of a structure are
fixed without consideration of support settlement (AASHTO 2010; Chaudhary 2016). This means that
the foundation settlements are generally ignored when evaluating the structural behavior of the
superstructure. Interaction effects could be significant, particularly for structures that rest on highly
compressible soils. The flexibility of the soil mass causes the differential settlement and rotation of
footings under the application of a load, which lead to the redistribution of forces and stresses in the
structural members of the superstructure. Moreover, the movement of bridge supports could affect all
aspects of bridge performance, from visual appearance to vehicle ride quality, and could affect the
bridge’s structural integrity in extreme cases (Moulton et al. 1985). Hence, structures and their
supporting soils should be considered as a compatible unit (Garg and Hora 2012). The response of the
soil influencing the structural behavior is a complex phenomenon that involves the mechanism of
interaction between various components in a structural system. Thus, many investigations have
quantified the effect of the interaction behavior and proposed different approaches to solve interaction
problems in an attempt to obtain more realistic analyses.
Roy and Dutta (2001) studied the effect of the differential settlements on design force quantities
for members of building frames that had isolated footings. They presented various representative case
studies for frames resting on sandy and clay soil by idealizing the soil medium below the footing as
either linear or nonlinear. Al-Shamrani and Al-Mashary (2003) presented a simplified procedure for
164

Chapter 6.

Support Settlement on Through-Truss Bridges

the analysis of the structural behavior of two-dimensional steel and reinforced concrete frame
structures that are supported by different soil types. They evaluated the effect of interactions on
predicted settlements, footing loads, and internal bending moments of structural components.
Furthermore, real-world bridge designs need to consider foundation displacements, since there are
many situations where settlements could occur at the foundations of a bridge’s abutment or pier (Ni
Choine et al. 2016; El-Arab 2017). Foundation settlements could be caused by the consolidation the
supporting soil, due for example to high traffic loads. However, bridge settlement criteria are not
adequately addressed in current bridge design standards such as the AASHTO specifications
(AASHTO 2010). Hence, there is a need to improve design practices to adequately account for bridge
foundation settlements.

6.2

Nonlinear finite element analysis

The objective of this study is to investigate the progressive collapse mechanism and evaluate the
load-carrying capacity of through-truss bridges that experience support settlements as well as
degradation of structural members.
6.2.1

Structural modeling of bridge considering boundary settlement

The detailed finite element model of the superstructure of the target through-truss bridge was
described in Chapter 5. This model was modified to account for boundary settlement by introducing a
flexible support underneath one of the supports of the bridge superstructure.
6.2.1.1

Solid element

A common way to model the soil under a support is to use 3-D solid (continuum) elements. Such
elements can be used for both linear and complex nonlinear analyses involving contact, plasticity, and
large deformations. The element selected is the C3D8 solid element, a general purpose linear
eight-node hexahedral (brick) element. It was used to model the entire soil domain under one of the
supports.
6.2.1.2

Soil model properties

Soils are often idealized as linear elastic and isotropic, particularly when estimating foundation
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settlement. We must introduce parameters such as the Young's modulus Es and the Poisson's ratio υ of
the soil when employing a linear elastic material model to describe the soil properties. Although
laboratory tests should be conducted to define the soil’s properties of the real site, in absence of
measured data, typical value ranges of Es and υ for different types of soil (Bowles 1996), including
clay and sand, are listed in Table 6.1.

Table 6.1: Modified range of Young’s modulus and Poisson’s ratio
Soil type

Clay

Sand

Characteristics

Es (MPa)

Very soft

2–5

Soft

5–20

Medium

20–50

Stiff

50–100

Loose

10–25

Dense

50–81

Soil type

Characteristics

υ

Saturated

0.4–0.5

Unsaturated

0.1–0.3

Loose-to-medium

0.2–0.30

Medium-to-dense

0.3–0.4

Clay

Sand

Among the soil types listed above, only very soft clay was taken into consideration in this chapter.
The rationale is that this type of soil will probably give the largest settlements of the supports and it
will allow us to better highlight their effects on the structural performance. The definition of the
material model for very soft clay soil is a linear elastic model with Young’s modulus Es = 2.4 MPa and
Poisson's ratio υ of 0.4. The bridge model used to study the effects of support settlements is shown in
Figure 6.1, where one of the bridge’s support is not rigid but it rests on a volume of soft soil. Because
of the deformability of the soil, it will experience vertical deformation that will induce settlements of
the supports.

Figure 6.1: Configuration of the through-truss bridge that accounts for support settlement
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Boundary conditions

The boundary conditions of the bridge model follow the same settings as in previous models except
for the support that experiences the soil settlement. Under such a support, a soil volume of dimensions
10 m  10 m  10 m has been modelled using a solid brick element (C3D8): the mesh size consists of
10 elements in each direction with a global approximate size of 1 m (Figure 6.2). The boundary
conditions of such a soil volume are such that, along the side walls, only vertical displacements are
allowed while, on the lower boundary, all nodes are fixed.

10 m
1m

10 m
Figure 6.2: Finite element meshing of solid model

6.3

Progressive collapse analysis accounting for support settlement

A series of nonlinear static progressive collapse analyses were conducted for the through-truss bridge
models that accounts for differential settlement of boundary. The load application follows the
procedure that described in Chapter 5.
6.3.1

Undamaged (“Intact”) bridge case

Figure 6.3 (a)–(e) show the collapse progress and deformation shapes according to the proposed load
procedure. When the total dead load was applied to the bridge model, the maximum von Mises stress
was 175 MPa and it was observed at the lower tip of the vertical element in the span near the fixed
support. This value was well below the yield stress (345 MPa) of the steel and so the deformations
could still be considered in the elastic range (Figure 6.3 (a)). In Figure 6.3 (b), with a value of the load
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amplification factor ψ = 22, the steel reached its yield limit and this was found to be at the same
location where it first appeared (L9, lower tip of vertical element close to the fixed support). At this
point, the support settled by 0.18 m vertically. Figure 6.3 (c) depicts a model with a live load factor
ψ = 32.3: here, the stress in the middle bottom chord (B5L) reaches its yield limit. When the load

factor equals 37, the value of support settlement increased to the level of 0.24 m and also the middle
top chord element (T4L) at the fifth span was observed to enter its early stage of yielding (Figure 6.3
(d)). Finally, in Figure 6.3 (e), with a small increment of load steps, when the load factor reached ψ
= 40.85, the middle bottom chord element (B5L) at the fifth span failed because of yielding and the
top chord (T4L) at the same span buckled right after the failure of member B5L, leading to the
collapse of the bridge. In this case, the settlement value reached the amount of 0.26 m. The results
showed similar collapse process and deformed shapes as seen for the bridge with fixed boundaries in
Chapter 5, indicating that the collapse of both bridges is caused by the failure of bottom chord element
together with the local buckling of the middle top chord. A slightly reduction in the load-carrying
capacity (reduction of 8.4%) was found for the bridge that accounts for support settlement (with a
value of 0.26 m) compared to that of the bridge with fixed boundaries.

(a) DL + 0 × LL

0.18 m
settlement

Span10

L9 Span9

(b) DL + 22 × LL
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B5L

(c) DL + 32.3 × LL

T4L
0.24 m
settlement

(d) DL + 37 × LL

B5L

T4L
0.26 m
settlement

(e) DL + 40.85 × LL
(final step)
Figure 6.3: Deformation shapes and collapse process
Looking at the critical members for the collapse of the bridge (the members T4L at Span 5, T4R at
Span 5, and B5L at Span 5), the axial–flexural interaction curve of members Spn5-T4L and Spn5-B5L
indicated that they reached the member’s capacity where the members failed (Figure 6.4). Comparing
the results for the interaction curve of selected members of this bridge with those observed in Chapter
5, similar interaction curve histories were found. This confirms that, also in this case, the reason that
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led to the collapse of this bridge is the failure of middle bottom chord together with the middle top
chord.

(a) Spn5-T4R

(b) Spn5-T4L

(c) Spn5-B5L
Figure 6.4: Interaction curve of the selected members
6.3.2

Corroded diagonal with differential settlement

This damage scenario considers local corrosion on the diagonal members in the lower section,
combined with differential settlement of the support (Figure 6.5). The corroded diagonal of bridge
model is modeled using the same shell element (S4R) and same mesh size as described in Chapter 5.
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Figure 6.5: Configuration of the damaged bridge model
Localized 40% corroded diagonal
Figure 6.6 (a)–(b) shows the stress distribution in the corroded section of the diagonal element when
assuming a 40% thickness reduction. When the 90% of the dead load was applied to the bridge model,
the von Mises stress reached yielding at the corroded diagonal web. As the load increased, yielding
spreaded on larger portions of the corroded diagonal and this process continued until ψ reached the
value of 3.2. At this point, the member failed as local buckling occurred, (Figure 6.6 (b)). As loading
increased, the bridge was still capable of carrying the load by redistributing it to the adjacent members
after the buckling of the corroded diagonal. When the live load factor was ψ = 23, the support
settlement reached a value of 0.18 m and the middle bottom chord (Spn5-B5R) at the fifth span
reached its yield limit. Further increase of the load continued until the load factor reached ψ = 35.9.
At this point, the value of settlement reached 0.24 m and the analysis stopped. In the presence of
differential support settlement, larger reaction forces are carried by other fixed supports and this
induces larger internal forces within the corroded diagonal (axial force of diagonal equals 1,100 kN for
both scenarios with and without support settlement when ψ reaches 3.2 and 10.1, respectively).
Consequently, the corroded element will reach its capacity earlier, causing the entire bridge to collapse
at an earlier load step. In this case, it is the failure in the middle bottom chord element (Spn5-B5R) and
the local buckling of the middle top chord (Spn5-T4R) at the fifth span that led to the collapse of the
damaged bridge. With respect to the bridge model without differential settlement of the support ( ψ =
42.2), there is a reduction of the live load multiplier of about 15% ( ψ = 35.9) with 0.24 m support
settlement.
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(a) 0.9 × DL + 0 × LL

(b) DL + 3.2 × LL

0.18 m
settlement

Spn5-B5R

Corroded diagonal

(c) DL + 23 × LL

Spn5-T4R

Spn6-T4L

Spn5-B5R

0.24 m
settlement

Corroded diagonal

(d) DL + 35.9 × LL
Figure 6.6: 40% localized corroded diagonal in the lower section; Collapse shape of the bridge
To better understand the failure mechanism of the bridge, the axial–flexural interaction curve
histories are plotted for the key locations (Spn6-T4L, Spn5-T4R and Spn5-B5R (Figure 6.7)). The
member Spn6-T4L is in the linear stage (even though just barely), while the top chord component
Spn5-T4R and bottom chord Spn5-B5R members reached their member capacity. As shown in Figures
6.7 (b) and (c), when the axial forces reached 38% of their member capacities respectively, due to the
fact that the corroded diagonal buckles, the trend in the interaction curve for members Spn5-T4R and
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Spn5-B5R changed instantly from axial force dominant to moment control for few load steps. After
that, the transferred loads are redistributed to the adjacent components. The interaction curves of
Spn5-T4R and Spn5-B5R return from moment control to axial force dominant till the last load step.

(a) Spn6-T4L

(b) Spn5-T4R

(c) Spn5-B5R
Figure 6.7: Interaction curve of the selected members
Localized 60% corroded diagonal
Looking at a more severe case of degradation (when the thickness reduction of the corroded section
was increased to 60% of the original thickness), the von Mises stress reached the yielding limit at the
lower section of the corroded diagonal member when only 42% of the dead load was applied to the
bridge. After some more load steps (68% of the dead load), local buckling failure occurred in the
corroded diagonal (Figure 6.8 (b)). However, the failure of this member is a local failure condition and
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it does not strongly affect the load-carrying capacity of this damaged bridge. The bridge could still
sustain additional live load until the load factor reached ψ = 35.3. At this point, the support
settlement reached a value of 0.24 m which is same as the one obtained in the previous case (40%
corrosion case). The bridge’s collapse mechanism is still associated with the local buckling in the
middle top chord element (Spn5-T4R) together with the failure of middle bottom chord (Spn5-B5R).
Comparing the results with the damaged bridge without settlement, it indicates around 15% reduction
in load factor for the bridge when accounting for support settlement.

(b) 0.68 × DL + 0 × LL

(a) 0.42 × DL + 0 × LL

Spn6-T4L

Spn5-T4R

0.24 m
settlement

Corroded diagonal

Spn5-B5R

(c) DL + 35.3 × LL
Figure 6.8: 60% localized corroded diagonal in the lower section; Collapse shape of the bridge
Figure 6.9 indicates the interaction curve histories for the same key members (Spn6-T4L,
Spn5-T4R and Spn5-B5R). For the members of Spn5-T4R and Spn5-B5R, the trend in the interaction
curves show similar behavior to those obtained from the 40% corrosion case. The difference for this
case is that the sudden change in the trend for few short steps starts earlier when the axial forces
reached approximately 23% of their member capacities.
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(a) Spn6-T4L

(b) Spn5-T4R

(c) Spn5-B5R
Figure 6.9: Interaction curve of the selected members
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End post corrosion

A bridge model was built considering the combined effects of a corroded end post and of differential
settlement of the support (Figure 6.10).

Figure 6.10: Configuration of the bridge model
With 10% of the dead load applied to the bridge, the yield stress was first observed in the lower
section of the corroded end post (Figure 6.6 (a)). After 62% of the dead load, yielding was found in
larger portions of the corroded section (Figure 6.6 (b)). With a slight increase of the dead load (up to
71% of the dead load), the corroded end post failed due to buckling (Figure 6.11 (c)). At this load step,
the value of the support settlement was 0.06 m. Despite the failure of the corroded end post, the
damaged bridge could still carry further loads: this is because the adjacent bottom chord (Spn1-B1R)
was able to resist significant in-plan bending moment, while the connected floor beams could also
resist considerable bending moments at their end connections. Finally, when the load factor reaches
the value of ψ = 5.6, the bridge reached its ultimate load-carrying capacity and the analysis stopped:
at this point, a support settlement of 0.19 m had occurred, and the bending failure of the bottom chord
element (Spn1-B1R) element near the end post (at the first span) led the damaged bridge to collapse.
The load factor ψ = 5.6 was approximately 6.7% lower than that of the model without support
settlement ( ψ = 6).
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(b) 0.62 × DL + 0 × LL

(a) 0.1 × DL + 0 × LL

(c) 0.71 × DL + 0 × LL
0.19 m
settlement Corroded end post

Spn10-B1R

Spn6-B5R
(d) DL + 5.6 × LL

Spn1-B2R

Spn1-B1R

Figure 6.11: Deformation shape of the bridge (60% corrosion with 0.1m expansion at end post)
The axial–flexural interaction curve histories are plotted in Figure 6.12 for key bottom chord
members (Spn1-B1R, Spn2-B2R, Spn6-B5R, and Spn10-B1R). In this case, the corroded end post
buckled earlier than that without support settlement presented in Chapter 5. It is also seen that once the
corroded end post buckled, the axial force histories of Spn1-B1R and Spn2-B2R dropped considerably
due to the impact of the buckled end post together with the support settlement. At the end, the axial
forces tend to zero and these elements seem to be acting as simple beams. Figures 6.12 (c) and (d)
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showed that the trend in the interaction curve for members Spn6-B5R and Spn10-B1R does not drop,
and both members remain within the linear elastic range. This indicates that these components are
located away from the buckled end post and are not affected by the presence of a settlement of the
support.

(a) Spn1-B1R

(b) Spn2-B2R

(c) Spn5-B5R

(d) Spn10-B1R

Figure 6.12: Interaction curves of key members
Now let’s discuss a similar case with a larger corroded portion of the cross-section (length of the
corroded portion is 0.2 m). With only 44% of the dead load, the corroded end post failed due to
inelastic buckling caused by partial yielding of the fibers in the cross-section of the corroded portion
(Figure 6.13 (b)): at this point, the value of support settlement reached 0.04 m. However, the failure of
the corroded end post did not lead to the collapse of the bridge, and the damaged bridge could still
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carry some loads. When the load amplification factor ψ reached the value of 5.5 and the settlement
value was 0.18 m, the bottom chord element B1R at the first span failed in bending and led to the
collapse of the bridge. Also in this case, the ultimate load amplification factor ( ψ = 5.5) was
approximately 8.3% lower than the one corresponding to the bridge model without the settlement of
the support ( ψ = 6). Similar collapse mechanism was observed for both cases (0.1m and 0.2m) and
the bending failure of the bottom chord element (Spn1-B1R) at the first span was also responsible for
the collapse of the entire bridge in both cases.

(b) 0.44 × DL + 0 × LL

(a) 0.9 × Im + 0 × DL + 0 × LL

0.18 m
settlement

Corroded
end post

Spn6-B5R
(c) DL + 5.5 × LL

Spn2-B2R

Spn1-B1R

Figure 6.13: Deformation shape of the bridge (60% corrosion with 0.2m expansion at end post)
The axial–flexural interaction curve histories (Figure 6.14) are plotted for the bottom chord
elements (Spn1-B1R, Spn2-B2R, and Spn6-B5R), indicating a similar behavior to those obtained for
the case of the smaller corroded portion.
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(a) Spn1-B1R

(b) Spn2-B2R

(c) Spn6-B5R
Figure 6.14: Interaction curves of key members
6.3.4

Bridge considering corroded top chord and differential settlement

Now let us discuss the case when localized corrosion occurs in a top chord member and the bridge is
subjected to settlement of the supports (Figure 6.15).

Figure 6.15: Configuration of the bridge model
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Localized 60% corroded top chord
Here we consider the scenario where there is a localized thickness reduction of the cross-section of
about 60% of the original thickness and the imperfection force has a value of 0.5% of the original
axial load. When reaching 70% of the dead load, the von Mises stress reaches the yield limit at one
point at the upper portion of the corroded section (Figure 6.16 (a)). Increasing the live load will bring
the corroded element at the top chord to buckle when ψ = 5.2 (Figure 6.16 (b)). At this load step, the
value of support settlement is 0.12 m. However, the buckling failure in the corroded top chord member
(T4) does not lead the bridge to collapse. The bridge could carry further loadings, due to the load
redistribution in the upper bracing system. The next element to fail is the upper bracing BR4R that
buckles when ψ = 7.2 and, subsequently, the upper bracing BR4L ( ψ = 8.7). Further increments of
the load factor would be carried by the bridge until it collapses for a value of ψ = 13.8 and the
settlement of the support measured 0.16 m. Same as in the case in Chapter 5, the trigger of the bridge
collapse is the bending failure of the bottom chord element B4R. With the presence of a differential
settlement, the supports without settlement take larger reaction forces. The internal forces of
neighboring members (Spn4-T3R and Spn6-T4R) increase, so that the corroded top chord element
tends to reach its capacity earlier in the loading process leading to the bridge collapse. Also in this case,
there is a slight reduction (12%) in the load-carrying capacity for this damaged bridge when the
support settlement is accounted for.

Spn6-T4L

Yield limit reached (upper section)

(a) 0.7 × DL + 0 × LL
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(b) DL + 5.2 × LL

0.16 m
settlement

BR4L

BR4R

Corroded T4
(c) DL + 13.8 × LL

B4R

Figure 6.16: Top chord with 60% thickness reduction in the middle section
For the component Span5-T4L, the interaction curve indicates that member T4L remains within
the linear elastic range until the last incremental load step (Figure 6.17 (a)) while the bottom chord
element B4R reaches its ultimate bending capacity (Figure 6.17 (b)).

(a) Spn5-T4L

(b) Spn4-B4R

Figure 6.17: Interaction curves of key members
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Localized 70% corroded top chord
Increasing the thickness reduction to a more severe level of 70% of the original thickness, it is noticed
that in this case, the corroded top chord member buckled when only 86% of the dead load was applied
(local failure), (Figure 6.18 (a)). The upper bracings could still help carrying the redistributed loads
until the upper bracing element BR4R failed because of buckling ( ψ = 1.9). When the load factor
reaches a level of 3.6, also the upper chord member (BR4L) buckles. Finally, when the value of the
support settlement equals 0.14 m, the load amplification factor reaches ψ = 9.2 and the bottom chord
element (B4R) fails due to bending, and consequently, the damaged bridge collapses. The effect of the
differential settlement can be quantified as a 14% reduction in the load-carrying capacity for this
damaged bridge.

(a) 0.86 × DL + 0 × LL
0.14 m
settlement

BR4L

BR4R

Corroded T4

B4R

(b) DL + 9.2 × LL
Figure 6.18: Top chord with 70% thickness reduction in the middle section
Figure 6.19 shows the load history of the bottom chord element B4R: it is clear that the trend in
the interaction curve changed abruptly from axial force control to moment dominant (same as the 60%
case). As in the previous case, the combined effect of localized corrosion and differential settlement of
the support made the bridge to reach its load-carrying capacity earlier.
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Figure 6.19: Interaction curve of member B4R
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Summary of results

Based on these numerical investigations, the results of the analysis on the collapse mechanism of
deteriorated through-truss bridges with differential settlement of the supports can be summarized as
follows.
1. For the bridge models that considered localized corrosion of the middle diagonal elements, the
results show a support settlement of 0.24 m and a relatively lower (approximately 15%)
load-carrying capacities (load factor 42.2 to 35.9). Similar collapse mechanism to that of the bridge
with fixed boundary was observed. All these models indicated that the collapse mechanism of the
bridge is linked to the failure of the middle bottom chord and to the local buckling of the middle
element of the top chord. Hence, we can say that the support settlement affects the load-carrying
capacity of the bridge moderately.
2. For the case of severe corrosion at end post, even in the presence of a settlement of the support, the
bottom chord element adjacent to the corroded end post is still the key component that led the
bridge to collapse. There is a slight reduction in the load-carrying capacity (8.3%) when the support
settlement reaches 0.19 m.
3. Looking at the cases of the deteriorated middle top chord element, the bridge collapse mechanism,
in the presence of support settlements, is still sensitive to imperfections due to corrosion and its
load-carrying capacity dropped moderately (12 to 14%) with respect to the damaged bridge with
fixed boundaries. For the undamaged case, the bridge’s collapse mechanism is also the same as the
bridge without settlement, but the loading capacity slightly reduces (8.4%) when the support
settlement occurs (0.26 m). With the increase of the corrosion level, similar failure mechanism of
the bridges were found, while their loading capacity dropped slightly.

6.4

Conclusions

This study proposes an approach to investigate and identify the progressive collapse and member
failure mechanisms of deteriorated through-truss bridges accounting for both localized member
corrosion and support settlement.
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The results for an undamaged bridge that is subjected to differential settlements of the supports
showed similar collapse process and deformed shapes to those of the bridge without support
settlement. However, the live load multiplying factor had decreased slightly (8.4%).
For the bridge model with a damaged diagonal, the bridge collapse mechanism is still caused by
the local buckling of the middle top chord element together with the bending failure of the middle
bottom chord member. The damaged bridge reaches its ultimate capacity earlier than the one with fixed
boundaries due to support settlement. Therefore, for this damaged case, the effect of support settlement
affects the load-carrying capacity moderately.
Looking at the case of end post together with support settlement, the failure of the adjacent bottom
chord element after the buckling failure of end post is the main reason that brings the bridge to
collapse. A slight reduction in load-carrying capacity occurs due to slight support settlement compared
to that of the bridge with fixed boundaries.
For the case of the corroded middle top chord, moderate reduction (14%) in load-carrying capacity
occurs under just a slight settlement of support. The collapse mechanism does not change and is still
linked to the failure of middle top chord element and the failure of the middle bottom chord caused by
bending.
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Conclusions
7.1

Main contributions and concluding remarks

In this study, the progressive collapse analysis of truss-type bridges has been investigated. Because of
the interconnectivity of the various structural members, truss structures are prone to the fact that
limited damage of local members may cause total destruction of the entire system. The main objective
of this study was to propose an approach to investigate the bridge’s collapse mechanism under either
damaged or undamaged conditions, and evaluate their associated load-carrying capacities and critical
failure components.
First, a pedestrian bridge, represented by a half-through truss, was investigated. Because of the
importance played by the upper chord, two types of connections (a pin vs. a beam- connections) were
considered. The results of the analysis indicated that this type of bridge collapsed due to the instability
of the top chord system. The mechanism was validated with an analytical study of a 2D pinned bar
system that was analyzed to calibrate its buckling load and the associated deformed shape. The results
from the analytical study were in excellent agreement with those obtained from the numerical 3D
model of the bridge. For both connection types, instability of the top chord system is the reason that
led the bridge to collapse. Based on their failure mechanism, however, the target pedestrian bridge
does not classify as a fracture-critical structure. Instead, the failure mechanisms that led the pedestrian
bridge to collapse were associated with compression forces in the top chord: the global buckling of top
chord system under compression (pin-connections) and the instability of the upper chord system due
to the local buckling of a middle top chord element (beam-connections). This is a very important
finding that is missing from current design standards.
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In Chapter 4, a series of progressive collapse analyses were conducted on the same models of the
pedestrian bridge considering the effects of deterioration due to corrosion. Corrosion is one of the
major causes of deterioration in steel bridges and is responsible for many structural failures, both at
the local (element) level and global level. The results of this study indicate that the major factors that
influence the structural behaviors are both the level of corrosion and the location of the corroded
element. For the cases with severe localized corrosion in the top chord, the collapse mechanism was
linked to the instability of the upper chord system triggered by the local bucking of a local top chord
element. The failure of a compressive member could significantly reduce the ability of the entire
bridge to carry the design loads. The analysis also showed that the collapse mechanisms of various
corroded floor system scenarios were similar to that of the bridge in undamaged conditions, indicating
that the collapse mechanism of this bridge configuration was not sensitive to the location and extent of
the corroded portion in the floor system.
In Chapter 5, the analysis was extended to study the collapse mechanism and the load-carrying
capacity of an existing through-truss bridge. The results showed that the deterioration of different
elements due to localized corrosion is the major factor that affects the failure mechanism and
load-carrying capacity of the bridge. For the undamaged case, the bridge would collapse due to the
bending failure of the middle bottom chord and the buckling failure of the middle upper chord. With
severe corroded top chord element, the collapse mechanism of the bridge was still linked to the
buckling failure of upper chord together with the bending failure of the middle bottom chord.
However, the load-carrying capacity of this damaged bridge could drop considerably when compared
to that of the intact case. Furthermore, while the presence of corrosion in a diagonal member is the
least severe condition, the corrosion of the end post element represents the most critical case: here, the
results indicated a dramatic decrease in the load-carrying capacity of this damaged bridge model when
compared to that of the undamaged bridge.
Chapter 6 focused on the progressive collapse analysis of a deteriorated through-truss bridge when
also the settlement of the supports is included in the analysis. The results of the analysis for an
undamaged bridge showed similar collapse mechanism and deformed shapes to those of the bridge
with fixed boundaries. However, the live load amplification factor for the deteriorated case was
slightly reduced. For the case of a bridge with a damaged diagonal element, the collapse mechanism
remains the same and is related to the buckling of the middle top chord element together with the
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failure of middle bottom chord. The settlement of the support allows this damaged bridge to reach its
ultimate capacity earlier than the bridge with fixed boundaries (i.e. the load-carrying capacity dropped
15%). For the case of a corroded middle top chord element, the collapse mechanism is still linked to
the failure of the top chord and the bending failure of the middle bottom chord while, for a corroded
end post, the damaged bridge could collapse after the bending failure of the adjacent bottom chord
elements.

7.2

Future research directions

In this study, the loading types were simplified. Only static nonlinear analyses of bridges were
conducted with the assumption of static loadings. This prevented us to observe some important
dynamic phenomena that occur in a structure under large dynamic loadings like earthquake-, traffic-,
or human-induced loadings, particularly, if higher mode contributions are significant. As future work,
we will focus on non-linear dynamic analyses of bridges to evaluate their sequences of critical limit
state occurrences and the effects of dynamic soil-structure interaction. In addition, the damage states in
this study were idealized as localized uniform thickness reduction of specific components. However,
more sophisticated deterioration model at the material level could be considered so to provide more
realistic damage configurations. Finally, in recent years, the application of passive-type energy
dissipation devices, such as different kinds of displacement- or velocity-dependent material dampers,
and tuned mass dampers, for vibration control of bridge structures against natural and man-induced
excitations has received much interest from researchers and practicing engineers to assure structural
safety and serviceability. Their impact on the progressive collapse mechanism of bridges would be an
important and interesting subject for future researches.
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